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1.   INTRODUCTION 

1 . 1   BACKGROUND 

Site  investigation  should  first  define  the  general 
stratigraphy  and  ground  water  conditions.   U.S.  practice 
usually  employs  wash  or   auger  borings  and  the  standard 
penetration  test  for  this  purpose.   Then,  depending  upon  the 
nature  of  the  proposed  facility  and  the  subsurface  condi- 
tions, testing  techniques  of  varying  complexity  ascertain 
pertinent  engineering  properties  of  the  foundation  materials. 
With  cohesive  deposits,  properties  of  particular  interest 
include  undrained  and  drained  strength-deformation  parame- 
ters, consolidation  characteristics  and  perhaps  in  situ 
states  of  stress.   Three  general  approaches  are  available 
for  evaluating  these  properties,  namely  laboratory  tests, 
in  situ  tests  and  empirical  correlations.   Early  U.S.  prac- 
tice relied  almost  exclusively  on  the  first  of  these,  i.e. 
laboratory  testing  of  "undisturbed"  samples.   In  situ  mea- 
surements of  the  undrained  strength  of  clays  then  supple- 
mented this  approach,  primarily  via  the  field  vane  test, 
developed  in  Sweden  during  the  1940' s,  and  the  Dutch  cone 
test,  though  the  latter  to  a  much  lesser  extent. 

During  the  past  10  or  so  years,  in  situ  testing  has 
benefited  from  greatly  expanded  interest  and  research,  both 
regarding  reevaluation  of  existing  methods  and  development 
of  new,  more  sophisticated  testing  techniques.   The  stimu- 
lus for  this  expanded  effort  has  resulted  from: 

(1)  A  growing  disenchantment  with  the  reliability  of  sim- 
ple laboratory  tests  and  concern  over  the  costs  of 
more  elaborate  testing  programs. 

(2)  The  necessity  for  reassessing  the  more  empirically  ori- 
ented in  situ  tests  in  light  of  recent  advances  in  the 
understanding  of  clay  behavior. 
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(3)  Attempts  to  measure  certain  in  situ  properties,  such 
as  modulus  and  lateral  stresses,  not  readily  evaluated 
by  laboratory  tests. 

(4)  Increased  interest  in  economical  testing  methods  that 
better  define  spacial  variations  in  properties. 

In  fact,  many  now  consider  laboratory  and  in  situ  testing  as 
competing  approaches  and  some  even  view  the  latter  as  the 
ultimate  solution  to  evaluation  of  parameters  in  design 
practice.   The  writers  do  not  hold  this  opinion,  but  rather 
consider  these  approaches  as  complementary,  for  each  has 
interrelated  strengths  and  weaknesses  as  summarized  in  Ladd 
et  al.  (1977)  . 

Laboratory  tests  usually   have  well  defined,  directly 
controllable  boundary  conditions  and  generally  use  devices 
designed  to  produce  uniformity  of  stresses  and  strains  with- 
in the  test  specimens.   Flexibility  in  loading  and  drainage 
conditions  and  exact  knowledge  of  the  soil  type  tested 
represent  definite  assets  and  the  generally  easily  interpre- 
ted results  yi,eld  well  defined  soil  properties.   Actual 
applicability  of  the  test  results  to  in  situ  conditions 
still  presents  some  problems,  but  these  are  at  least  recog- 
nized.  The  laboratory  approach  requires  sampling  of  the 
in  situ  soil,  which  can  prove  expensive  and  lead  to  signi- 
ficant sample  disturbance.   On  the  other  hand,  in  situ  tests, 
performed  within  the  soil  deposit,  offer  the  potential  for 
both  cost  savings  and  reduced  disturbance  of  the  soil,  al- 
though these  may  not  be  always  achieved  in  practice.   In 
situ  tests  have  also  proven  much  better  suited  to  investi- 
gate spacial  variations,  especially  with  measurements  avail- 
able over  a  continuous  profile.   But  in  situ  tests  usually 
have  more  complex  boundary  conditions  than  laboratory  tests, 
with  major  variations  in  stresses  and  strains  (and  perhaps 
variable  drainage  conditions)  occuring  within  the  soil  mass. 
Such  factors  greatly  complicate  interpretation  of  in  situ 
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test  data.   Thus,  the  need  for   empirical  correlations  to 
obtain  soil  parameters  for  design  purposes. 

1.2   TYPES  OF  IN  SITU  TESTS  CONSIDERED  AND  GENERAL  USES 

This  report  evaluates  three  types  of  in  situ  test  de- 
vices for  use  in  medium  to  soft  cohesive  foundation  mater- 
ial:  field  vane,  Dutch  cone  penetrometer  and  piezometer 
probe . 

The  modern  field  vane  test  (Cadling  and  Odenstad,  1950) 
represents  the  first  in  situ  device  thought  to  provide  a 
direct  and  accurate  measurement  of  the  undrained  strength 
of  cohesive  soils  and  its  use  quickly  spread  throughout 
the  world  during  the  1950' s.   In  addition  to  values  of  un- 
drained shear  strength,  the  field  vane  test  helps  to  evalu- 
ate soil  variability  and  its  measured  undrained  strength 
normalized  with  respect  to  the  effective  overburden  stress 
provides  an  idea  of  the  stress  history. 

Among  the  many  types  of  penetrometers  (ESOPT,  1970; 
Sanglerat,  1972) ,  the  quasi-static  Dutch  cone  penetrometer, 
now  widely  used  in  portions  of  Europe,  makes  separate  mea- 
surements of  cone  resistance  and  soil-steel  resistance 
along  a  friction  sleeve.   The  Dutch  cone  has  a  base  area  of 
10  cm^,  an  apex  angle  of  60°   and  employs  a  penetration  rate 
of  1  to  2  cm/sec.   Amid  the  most  popular  models,  the 
Begemann  (1953,  1965)   mechanical  friction  cone  and  the 
Fugro  (de  Ruiter,  1971)  electrical  cone.   The  latter  type 
will  be  evaluated  in  terms  of  its  ability  to  measure  un- 
drained shear  strength,  investigate  soil  variability  and 
possibly  identify  soil  type. 

The  piezometer  probe  (Torstensson,  1975;  Wissa  et  al., 
1975) ,  has  an  electrical  transducer  connected  to  a  fine 
porous  stone  located  within  a  cone-shaped  probe.   It  can 
measure  excess  pore  pressures  developed  during  penetration, 


the  rate  of  pore  pressure  dissipation  after  interruption  of 
penetration  and  the  final  equilibrium  value.   The  excess 
pore  pressures  measured  during  penetration  give  an  indica- 
tion of  soil  type  and  of  changes  in  relative  consistency 
or  density.   Rates  of  pore  pressure  dissipation  can  also 
infer  variations  in  the  coefficient  of  consolidation  of  the 
soil  layers.   The  device  is  especially  well-suited  for  de- 
tecting the  presence  of  either  free-draining  or  relatively 
impervious  layers  located  within  an  otherwise  predominantly 
homogeneous  soil  deposit. 

1.3   OBJECTIVES  OF  RESEARCH  AND  SCOPE  OF  WORK 

The  research  reviews  and  discusses  practical  utiliza- 
tion of  the  field  vane,  Dutch  cone  penetrometer  and  piezo- 
meter probe  devices  in  medium  to  soft  cohesive  deposits 
and  presents  guidelines  for  use  of  these  in  situ  tests  in 
design  practice.   The  work  tasks  include: 

(1)  Investigation  of  the  reliability  of  the  field  vane  test 
for  estimating  the  undrained  shear  strength  of  clays 
via  comparison  of  field  vane  results  to  other  strength 
measurements  and  assessment  of  empirical  "correction" 
factors  such  as  proposed  by  Bjerrum  (1972)  to  obtain 
appropriate  design  values. 

(2)  Evaluation  and  development  of  procedures  for  predicting 
the  undrained  shear  strength  of  sedimentary  clays  using 
the  Dutch  cone  penetration  device  and  investigation  of 
the  ability  of  this  test  to  ascertain  soil  types  and 

in  situ  variability. 

(3)  Investigation  of  the  suitability  of  the  piezometer 
probe  device  for  soil  profile  identification,  assess- 
ment of  soil  variability,  and  estimating  consolidation 
characteristics  of  cohesive  soils. 

(4)  Presentation  of  data  from  at  least  five  case  histories 
illustrating  the  use  of  each  of  the  three  in  situ  test 
devices  in  design  practice. 
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1.4   ORGANIZATION  OF  REPORT 

In  order  to  provide  minimum  background  information 
necessary  for  understanding  discussion  of  in  situ  tests  used 
to  measure  the  properties  of  foundation  clays,  the  report 
first  reviews  the  principal  factors  influencing  the  strength- 
deformation  characteristics  of  cohesive  soils.   Chapter  3 
presents  testing  procedures  and  methods  of  interpretation 
for  the  field  vane  test,  summarizes  measurements  at  six 
test  sites  and  discusses  the  applicability  of  empirical  cor- 
relations, and  concludes  with  guidelines  for  use  in  design 
practice.   Chapters  4  and  5  on  the  Dutch  cone  penetrometer 
and  the  piezometer  probe,  respectively,  follow  similar 
organizational  patterns,  each  using  data  from  five  test 
sites  and  concluding  with  recommended  practice.   Summary  and 
conclusions  on  the  three  in  situ  devices  and  recommendations 
for  new  developments  conclude  the  report. 

Appendices  A  through  G  (221  pages),  containing  details  on  each  of 
the  case  histories  studied,  are  on  file  in  the  Office  of  Research, 
Development,  and  Technology  (HNR-10) ,  Federal  Highway  Administration, 
Washington  D.C.  20590.  Table  1  summarizes  pertinent  information  for 
each  test  site. 
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2.   REVIEW  OF  PRINCIPAL  STRENGTH-DEFORMATION 
CHARACTERISTICS  OF  COHESIVE  SOILS 


2.1  INTRODUCTION 

Many  aspects  of  this  research  require  a  fairly  detailed 
knowledge  of  the  principal  factors  that  influence  the 
strength-deformation  characteristics  of  cohesive  soils  under 
various  loading  and  drainage  conditions.   Examples  include 
an  appreciation  of  the  limitations  inherent  in  most  theore- 
tical models  used  to  interpret  in  situ  test  data,  the  ef- 
fects of  different  test  procedures  on  results  and  expected 
trends  with  varying  soil  types.   In  particular,  the  three 
in  situ  tests  under  consideration  involve  quite  different 
measurements,  e.g.  a  torque  with  the  field  vane,  penetration 
and  sleeve  resistance  with  the  Dutch  cone  penetrometer,  and 
pore  pressure  response  with  the  piezometer  probe. 

The  Chapter  focuses  on  basic  undrained  strength- 
deformation  and  consolidation  behavior  of  saturated  sedi- 
mentary clays  and  how  stress  history,  anisotropy,  strain 
rate  and  disturbance  affect  these  properties.   It  also 
reviews  the  concept  of  Normalized  Soil  Properties  used  ex- 
tensively in  the  case  histories  and  for  presentation  of 
basic  trends  and  results  of  empirical  correlations.   The 
material  in  this  chapter  summarizes  more  extensive  informa- 
tion contained  in  the  State-of-the-Art  Report  for  the  9th 
International  Conference  in  Soil  Mechanics  and  Foundation 
Engineering  by  Ladd  et  al.  (1977) . 

2.2  ONE-DIMENSIONAL  COMPRESSION  AND  CONSOLIDATION  BEHAVIOR 

Design  practice  typically  employs  conventional  oedome- 
ter  tests  to  measure  the  one-dimensional   compression  and 
consolidation  behavior  of  cohesive  soils.   Figure   1  sum- 
marizes the  well-known  effects  of  stress  history  and  sample 
disturbance  on  oedometer  test  results  with  clays  of  low  to 
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FIGURE    1.   EFFECT  OF  STRESS  HISTORY  AND  SAMPLE 
DISTURBANCE  ON  OEDOMETER  TEST  RESULTS 
(Ladd  et  al. ,  1977) 


moderate  sensitivity.  Disturbance  increases  the  measured 
strains,  often  obscures  and  lowers  the  maximum  past  pressure 
(a'  )  and  greatly  reduces  the  coefficient  of  consolidation 
(cv)  during  initial  loading.   It  also  increases  the  coef- 
ficient of  secondary  compression  (Ca  defined  as  the  slope 
of  strain  versus  log  time  curve  =  Ae/A  log  t)  of  precom- 
pressed  soil,  but  decreases  Ca  in  the  virgin  compression 
range.   For  these  reasons,  it  is  wise  to  use  an  unload- 
reload  cycle  as  illustrated  in  Figure   1(d)  to  measure  the 
consolidation  properties  of  overconsolidated  deposits* 

With  respect  to  empirical  correlations,  design  manual 
NAVDOCKS  DM-7  (1971)  presents  useful  correlations  between 
cv  and  liquid  limit  (LL)  for  normally  consolidated  and  pre- 
compressed  cohesive  soils.   Various  correlations  relate 
virgin  compressibility  and  liquid  limit  or  water  content. 
Mesri  and  Godlewski  (1977)  note  that  Ca  varies  uniquely  with 
the  effective  stress  increment  Alog  o^c    for  a  given  soil 
(Ca  independent  of  overconsolidation  ratio,  OCR=a-^m/a^c) 
and  that  the  value  of  Ca/Alog  avc  generally  equals  0.05+  0.02 
for  most  inorganic  clays. 

The  term  maximum  past  pressure  (cr^)  as  used  herein  re- 
fers to  the  break  in  the  strain-log  o^c   curve,  Figure   1(a). 
Thus  a  variety  of  mechanisms  (e.g.  erosion,  past  lowering 
of  water  table,  aging,  weathering,  etc.)  can  cause  precom- 
pression,  as  discussed  more  fully  by  Ladd  (1973)  and  in 
TRB  (1976) . 

Figure  2   presents  measured  laboratory  values  of  the 
coefficient  of  earth  pressure  at  rest  (K0)  for  normally  con- 
solidated remolded  and  undisturbed  clays  plotted  versus 
friction  angle  ((J)1)  and  plasticity  index  (PI).   Soft  clays 
generally  experience  little  change  in  K0  with  consolidation 
stress  in  the  virgin  compression  range  compared  to  potential 
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variations  in  <j> '  .   Figure   2(b)  suggests  that  K  of  normally 
consolidated  clays  correlates  reasonably  well  with  plasti- 
city index  for  a  wide  range  of  soils.   For  simple  unloading 
conditions,  Schmidt's  (1966)  empirical  equation: 

Ko(0C)   =  (OCR)m  (Eq.  2-1) 

K0(NC) 

where   K  (OC)  =  KQ  for  overconsolidated  material 

K0(NC)  =  K0  for  normally  consolidated  material 

OCR    =  overconsolidation  ratio,  i.e.  ratio  of 

maximum  past  pressure  (a1  )  and  consolida- 

vm 

tion  stress  (a^c) 
m      =  experimental  constant 

closely  approximates  most  of  the  experimental  data,  and  Fig- 
ure   3  plots  the  resultant  m  values  versus  plasticity  index. 
All  m  values  fall  within  a  fairly  narrow  range.   Note,  how- 
ever that  K0  for  reloading  may  be  significantly  less  than 
KQ  in  unloading  at  the  same  OCR  (e.g.  Campanella  and  Vaid, 
1972) . 

2.3   UNDRAINED  STRESS  STRAIN  STRENGTH  BEHAVIOR 

2.3.1   Concept  of  Normalized  Behavior 

The  fact  that  many  cohesive  soils  exhibit  normalized 
behavior  provides  a  very  convenient  format  for  presenting 
and  evaluating  clay  behavioral  characteristics.   Results 
of  laboratory  shear  tests  on  clay  samples  with  the  same  OCR, 
but  different  consolidation  stresses  (o-^c)    and  thus  different 
maximum  past  pressures  (avm) >    exhibit  very  similar  strength 
and  stress-strain  characteristics  when  normalized  with  res- 
pect to  a'   (Ladd  and  Foott,  1974).   Figure    4  illustrates 
normalized  behavior  by  means  of  three  KQ  consolidated- 
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undrained  (CKQU)  direct  simple  shear  (DSS)  tests*,  on  an 
organic  clay;  inevitable  minor  variations  in  test  procedures 
and  soil  specimens  cause  small  divergences  from  perfect  nor- 
malized behavior.   Figure   5  presents  further  normalized 
results  for  resedimented  specimens  of  Boston  Blue  clay  ob- 
tained by  four  persons  over  a  period  of  three  years. 

The  Normalized  Soil  Properties  (NSP)  concept  not  only 
enables  a  systematic  evaluation  of  the  importance  of  stress 
history  on  the  strength-deformation  properties  of  a  clay, 
but  also  allows  one  to  compare  the  behavior  of  different 
cohesive  soils.   Figure  6   presents  data  from  CK0UDSS  tests 
run  on  normally  consolidated  samples  of  seven  soils,  plotting 
secant  Young's  modulus  (Eu)  divided  by  the  undrained  shear 
strength  (c  )  versus  the  applied  shear  stress  level  (x^/cu) . 
Although  the  seven  soils  exhibit  similar  trends,  the  magni- 
tude of  Eu/cu  decreases  substantially  with  increasing  plas- 
ticity and  organic  content  of  the  soil. 

Normalized  behavior  applies  only  to  cohesive  soils  which 
maintain  their  basic  structure  during  loading  to  stresses 
beyond  the  in  situ  maximum  past  pressure.   Soils  such  as 
quick  clays  and  naturally  cemented  clays  will  not  follow 
the  NSP  concept,  since  loads  beyond  o^   drastically  alter 
their  structure. 

2.3.2   Effect  of  Stress  History 

Figures   7  to    9  summarize   the  well-recognized  impor- 
tant influence  of  stress  history  on  undrained  behavior.   The 
substantial  increase  in  undrained  shear  strength  with  OCR 
shown  in  Figure    7,  based  on  CKQUDSS  test  results  on  six 


*A  cylindrical  sample  enclosed  in  a  wire  reinforced  rubber 
membrane  preventing  lateral  displacement  during  consolida- 
tion and  sheared  by  moving  the  top  cap  laterally  while  keep- 
ing the  sample  volume  constant  (equivalent  to  undrained 
conditions)  (Bjerrum  and  Landva,  1966). 
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2000 


No. 

DESCRIPTION 

Cu/0£ 

(i) 

r 

Portsmouth 
Sensitive  CL  Clay 
St£10,LLs35,Plsl5 

0.20 

in 

Boston  CL  Clay 
LL-41,  PI-22 

0.20 

CD 

<S> 

Bangkok  CH  Clay 
LL  =  65,  PI  =41 

0.27 

(i) 
© 

Maine  Organic 

CH-OH  Clay 

LL=65,  PU38 

0.285 

<s> 

AGS  CH  Clay 
LL  =  7I,    PI  =  40 

0.255 

(1) 

Atchafolaya 
CH  Clay 

LL*95,  PI  =  75 

0.24 

(3) 

(2> 

Taylor  River  Peat 
wN  *  500% 

0.46 

0.2  0.4  0.6     ,      0.8 

APPLIED  SHEAR  STRESS  RATIO  Th/Cy 


(i)  from  Ladd  8  Edgers  (1972) 

(2)  MIT  for  Dames  8  Moore 

(3)  MIT  for  Haley  8  Aldrich 


FIGURE    6.   NORMALIZED  MODULUS  FROM  CK0UDSS  TESTS 
ON  NORMALLY  CONSOLIDATED  SOILS 
(Ladd  et  al. ,  1977) 
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FIGURE         7. 


UNDRAINED  STRENGTH  RATIO  VS  OCR  FROM 
CKqUDSS  TESTS  ON  SIX  CLAYS  (Ladd  and 
Edgers,  1972) 
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(cu/0Jc)0.C 
(cu/CTVc)  N.C. 


S    8    10 


ocr«  ocm/o: 


vm '  ^vc 


FIGURE         8 . 


RELATIVE  INCREASE  IN  UNDRAINED  STRENGTH 
RATIO  VS  OCR  FROM  CKQUDSS  TESTS  (Ladd  et  al, 
1977)  (See  Figure   7  for  identification  of 
soil  numbers) 
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clays,  can  be  further  normalized  in  terms  of  the  overconsol- 
idated  cu/(Jyc  divided  by  its  normally  consolidated  value  for 
each  soil  versus  OCR  (Figure   8) .   The  first  five  clays 
fall  within  a  very  narrow  band,  defined  by 

cu/°vc  (QC>   =  (0CR)m  (Bq.  2-2) 

cu/tfvc  (NO 

with  m  *    0.8,  though  an  m  value  decreasing  from  0.85  to  0.75 
with  increasing  OCR  provides  a  better  fit.   The  sixth  soil, 
a  varved  clay,  follows  closely  the  narrow  band  previously 
defined,  but  with  a  slightly  lower  m  value   Finally,  Figure 

9  shows  the  effect  of  stress  history  on  undrained  Young's 
modulus  obtained  from  CK0UDSS  tests  on  five  clays.   In 
particular,  note  the  substantial  decrease  in  the  value  of 
Eu/cu  for  highly  overconsolidated  soils.   Although  trends 
are  again  similar  for  the  various  soils,  the  modulus-stress 
history  relationship  is  more  complex  than  that  shown  for 
cu  and  overconsolidation  ratio. 

2.3.3   Effect  of  Strength  Anisotropy 

Results  of  K0  consolidated-undrained  (CK0U)  plane  strain 
compression  (PSC)  and  extension  (PSE)  and  direct  simple 
shear  (DSS)  tests  illustrate  the  anisotropic  strength  be- 
navior  of  soft  clays  (both  inherent  and  stress  system  in- 
duced components  —  see  Ladd  et  al.,  1977).   Figure   10 
shows  the  stress  systems  imposed  by  each  test  type  and  tabu- 
lates strength  and  strain  at  failure  measured  for  normally 
consolidated  Boston  Blue  clay  samples  trimmed  vertically. 
The  undrained  shear  strength  (cu)  progressively  decreases 
as  the  major  principal  stress  at  failure  moves  from  the  ver- 
tical to  the  horizontal  direction  and  the  shear  strain  at  fail- 
ure increases.  Results  from  CKQU  triaxial  compression  (TC) 
and  extension  (TE)  tests  indicate  similar  trends.   Figure 
11  plots  the  anisotropic  strength  ratio  defined  as  Ks  = 
cu(H)/cu(V),  where  (H)  and  (V)  designate  horizontal  and 
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PSE 


PSC  =  Plane  Strain  Compression 
PSE  =  Plane  Strain  Extension 
DSS  =  Direct  Simple  Shear 
\    Direction  of  major 

principal  stress 

at  failure 


Type  of    Shear  Strain  at     Undrained 
test       Failure,  y  Shear  Strength     c  * 

(%)  cu/c^c 
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0.8 

DSS 
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PSE 
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0.34 
0.20 
0.19 


cu  =  Sf 


C„=(Tu) 


'U 
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cu  =  9f 


Data  from  Ladd  and  Edgers  (1972) 
LL  =  41%;    PI  =  21% 

*q^  =  0.5  (CJ-1-CJ3)  f  =  shear  stress  at  failure 


FIGURE    10.   INHERENT  AND  STRESS  SYSTEM  INDUCED 
UNDRAINED  STRENGTH  ANISOTROPY  MEA- 
SURED BY  CK0U  SHEAR  TESTS  ON  NOR- 
MALLY CONSOLIDATED  BOSTON  BLUE  CLAY 
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FIGURE    11.   ANISOTROPIC  UNDRAINED  STRENGTH  RATIO 

VS  PLASTICITY  INDEX 
(Ladd  et  al. ,  1977) 
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vertical  loadings,  as  a  function  of  plasticity  index.   The 
data  show  that  lean  sensitive  clays  have  a  high  degree  of 
undrained  strength  anisotropy,  whereas  the  more  plastic 
lean  sensitive  clays  exhibit  less  anisotropy.   Undrained 
strength  anisotropy  also  exists  in  overconsolidated  clays, 
but  as  illustrated  in  Figure    12,  the  degree  of  anisotropy 
as  expressed  by  Ks  generally  decreases  with  increasing  OCR. 

It  is  therefore  unrealistic  to  define  an  unique  cu 
value  for  a  soil;  rather,  undrained  shear  strength  depends  on 
the  mode  of  failure  and  the  appropriate  cu  for  stability 
analyses  will  vary  with  the  type  of  problem.   Conventional 
design  practice  will  usually  want  the  average  cu  along  a 
potential  failure  surface. 

2.3.4   Effect  of  Strain  Rate 

Undrained  shear  strength  and  modulus  decrease  with 
increasing  times  to  failure  (decreasing  strain  rate) .   Most 
in  situ  tests  shear  the  surrounding  soil  very  quickly  com- 
pared to  the  actual  field  situation  where  strength  mobiliza- 
tion may  require  several  days  or  weeks.   Typically,  undrain- 
ed shear  strength  values  from  triaxial  compression  tests 
decrease  by  about  10±5  percent  per  log  cycle  of  strain  rate 
(£)  for  medium  to  soft  clays  tested  at  rates  conventionally 
used  in  the  laboratory  (e.g.  Bjerrum,  1971) .   For  example, 
cu  values  measured  at  £=0.5%/hr  can  be  20+10%  lower  than 
those  measured  at  e=60%/hr.   However,  strength  losses  become 
much  less  significant  at  very  low  strain  rates  (Berre  and 
Bjerrum,  1973) .   Similarly,  strain  rate  affects  the  secant 
undrained  modulus  of  sensitive  and  plastic  clays,  decreasing 
Eu  by  20  +  10%  per  log   cycle  of  strain  rate  (e.g.  Ladd, 
1964;  Berre  and  Bjerrum,  1973;  Tavenas,  1975) ,  particularly 
at  rates  greater  than  about  0.1%/hr. 
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UNDRAINED  STRENGTH  RATIO  AND  STRAIN  AT 
FAILURE  VS  OCR  FROM  CK0UDSS  AND  PLANE 
STRAIN  COMPRESSION  AND  EXTENSION  TESTS 
BOSTON  BLUE  CLAY  (Ladd  &  Edgers,  1972) 
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2.3.5  Effect  of  Sample  Disturbance 

Disturbance  occurring  during  field  sampling,  storage 
and  handling  of  medium  to  soft  clays  lowers  strengths  as 
measured  in  unconsolidated^-undrained  (UUC)  triaxial  compres- 
sion tests.   The  magnitude  of  the  reduction  varies  consider- 
ably with  soil  type  and  sampling  and  trimming  procedures 
but  almost  invariably  increases  with  depth.   For  example, 
MIT  data  on  "soft"  Boston  Blue  clay  show  UUC  strengths  typi- 
cally 20  to  50%  lower  than  strengths  of  "perfect  samples". 
Ladd  and  Lambe  (1963)  and  Ladd  (1964)  have  shown  that  sample 
disturbance  reduces  undrained  modulus  to  an  even  greater 
degree. 

Having  recognized  the  disturbed  nature  of  most  UUC  test 
specimens,  the  profession  now  makes  greater  use  of  consoli- 
dated-undrained  (CU)  tests  to  measure  strength  properties 
of  medium  to  soft  clays.   Although  several  procedures  exist 
for  consolidating  soil  specimens  before  shear  (for  example, 
reconsolidation  to  the  in  situ  overburden  stress,  a^0  —  for 
other  procedures,  refer  to  Ladd  et  al.,  1977),  use  of  nor- 
malized soil  parameters  obtained  from  reconsolidating  sam- 
ples into  the  virgin  compression  range  offers  one  approach 
for  minimizing  the  effects  of  sample  disturbance.   Varying 
amounts  of  rebound  prior  to  shear  then  yield  normalized  soil 
properties  versus  overconsolidation  ratio  (OCR) .   This  forms 
the  basis  of  the  SHANSEP  method  proposed  by  Ladd  and  Foott 
(1974)  to  evaluate  strength-deformation  parameters  in  design 
practice. 

2.3.6  SHANSEP  Approach 


This  new  approach,  Stress  History  And  Normalized  Soil 
Engineering  Properties,  developed  for  "ordinary"  medium  to 
soft  clay  deposits,  establishes  normalized  strength  para- 
meters from  CK0U  shear  tests  and  derives  the  required 
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strength-deformation  properties  for  use  in  analyses  by 
applying  the  NSP  concept  to  the  stress  history  (a"   and 
OCR)  of  the  deposit.   Figure  13.  illustrates  the  use  of 
SHANSEP  to  determine  the  undrained  shear  strength  profile 
corresponding  to  a  DSS  mode  of  failure  for  a  uniform  clay 
deposit.   The  procedure  involves  four  steps: 

1 )  Determine  stress  history  of  deposit  from  oedometer 
test  data. 

2 )  Establish  the  cu/avc  versus  OCR  relationship  from 
CK0U  shear  tests  on  representative  samples. 

3)  Compute  SHANSEP  cu  values  versus  depth  with  o-^Q   = 
a '   (using  OCR  of  deposit  and  cu/a'   from  step  2 ) 

4 )  Plot  cu  profile. 

The  approach,  though  conceptually  very  simple,  requires  re- 
liable determination  of  the  in  situ  stress  history  and  ap- 
plies only  to  fairly  homogeneous  clay  deposits  exhibiting 
normalized  behavior.   To  minimize  effects  of  sample  distur- 
bance, the  method  recommends  applying  consolidation  stresses 

<j '   greater  than  1.5  to  2  times  the  in  situ  a '   and  then 
vc  3  vm 

rebounding  to  the  required  overconsolidation  ratio  (inclu- 
ding tests  on  normally  consolidated  samples) .   When  aniso- 
tropy  is  important,  the  procedure  would  also  include  dif- 
ferent types  of  shear  tests  to  ascertain  the  degree  of  ani- 
sotropy. 

2.4   SUMMARY 

The  foregoing  discussion  of  strength-deformation  char- 
acteristics of  cohesive  soils  indicates  clearly  that  no 
single  undrained  shear  strength  exists,  but  that  the  in  situ 
cu  depends  on  mode  of  failure  and  strain  rate.   The  cu  value 
to  use  in  analyses  therefore  depends  on  the  type  of  design 
problem.   Unless  otherwise  stated,  the  report  aims  to 
estimate  cu  values  appropriate  for  bearing  capacity  problems 
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with  potential  failure  critical  over  a  period  from  a  few 
days  to  several  weeks. 

The  review  shows  that  strength  anisotropy  is  most  im- 
portant with  lean  sensitive  clays,  whereas  the  effects  of 
strain  rate  are  most  pronounced  with  highly  plastic  clays. 
Since  anisotropy  and  strain  rate  will  inevitably  influence 
the  results  of  all  in  situ  tests,  their  interpretation  will 
necessarily  require  some  empirical  content  to  account  for 
these  factors,  as  well  as  possible  effects  of  disturbance. 

The  use  of  Normalized  Soil  Properties,  whether  obtain- 
ed from  laboratory  or  in  situ  tests  offers  several  advan- 
tages: 

1)  It  provides  a  convenient  way  of  presenting  and  sum- 
marizing test  data. 

2)  It  enables  a  clear  and  systematic  evaluation  of  the 
importance  of  stress  history  on  the  strength- 
deformation  properties  of  a  clay. 

3)  It  provides  a  very  valuable  framework  for  comparing, 
relating  and  synthesizing  the  behavioral  character- 
istics of  different  cohesive  soils. 

For  example,  Ladd  and  Edgers  (1972)  present  values  of  cu/avc 
from  K0  consolidated-undrained  direct  simple  shear  (DSS) 
tests  performed  on  normally  consolidated  samples  of  non- 
layered,  relatively  homogeneous  (e.g.  absence  of  shells, 
fibers,  etc.)  clays  of  widely  varying  PI  (10  to  90%)  that 
fall  within  a  quite  narrow  band,  say  0.23+0.03.   They  also 
suggest  that  these  DSS  cu  values  generally  yield  reliable 
to  slightly  conservative  factors  of  safety  with  circular 
arc  stability  analyses.   Mesri's  (1975)  analysis  of  field 
vane  strength  data  adjusted  according  to  Bjerrum's  (1972) 
recommended  correction  factor  supports  the  idea  that  the  in 
situ  cu/avo  appropriate  for  analyses  of  embankment  stability 
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falls  within  a  fairly  narrow  range  with  most  normally  con- 
solidated, homogeneous  sedimentary  clays,  independent  of 
their  P.I.   Thus,  given  the  stress  history,  preliminary 
design  strengths  can  be  estimated  by  the  following  equation: 

cu/Qvo  =  (0*23  -    °-03) (OCR)0*8  (Eq>  2_3) 

This  simple  empirical  relationship  illustrates  the  extreme 
importance  of  stress  history.   It  also  offers  the  potential 
for  a  substantial  reduction  in  the  amount  of  testing  re- 
quired for  design  once  the  stress  history  of  the  deposit 
has  been  established  with  reasonable  accuracy. 
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3.   FIELD  VANE  TEST 

3.1   GENERAL  PRACTICE 

The  field  vane  (FV)  test,  developed  into  its  modern 
form  by  Cadling  and  Odenstad  (1950) ,  represents  the  first 
in  situ  device  thought  to  provide  a  direct  and  accurate  mea- 
surement of  the  in  situ  undrained  shear  strength  of  cohesive 
soils.  For  this  reason,  plus  its  economy  compared  to  samp- 
ling and  laboratory  testing,  use  of  the  FV  test  spread 
quickly  around  the  world.   The  test  consists  of  advancing 
a  four-bladed  vane  into  the  soil,  rotating  it  and  measuring 
the  maximum  torque  obtained  during  rotation  of  the  blades. 
Figure  14.  illustrates  the  two  vane  types,  rectangular  and 
tapered,  accepted  by  the  ASTM.   Variations  exist  though  in 
both  the  dimensions  of  the  vane  head  and  the  test  proce- 
dures used,  which  make  interpretation  of  the  test  and  com- 
parison of  results  more  difficult.   The  ASTM  Standard  D- 
2573  specifies  a  four-bladed  vane  having  a  length  to  dia- 
meter ratio  L/D  of  2  with  a  diameter  between  2  and  4  in. 
(5-10  cm)  and  rotated  at  a  rate  of  0.1°/sec  (6°/min) . 
The  prescribed  method  involves : 

1)  Placement  of  vane  in  undisturbed  soil  (at  least  5 
vane  housing  or  borehole  diameters  below  the  bottom 
of  the  housing  or  hole) . 

2)  Rotation  of  the  vane  from  the  surface  using  a  geared 
drive  system  at  a  rate  not  to  exceed  0.1°/sec 
(note:   although  hand-torque  wrenches  can  not  main- 
tain this  uniform  slow  rate,  ASTM  accepts  their  use). 

3)  Measurement  of  the  torque  required  to  shear  the 
soil  along  a  presumedly  cylindrical  surface. 

4)  Correction  for  friction  between  drive  rod  and  vane. 

5)  Determination  of  remolded  strength  immediately  after 
rotating  the  vane  head  at  least  10  revolutions. 
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TAPERED  VANE 


FIGURE      14.        GEOMETRY    OF    FIELD   VANE     (ASTM   D-2573) 
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6)  Spacing  of  tests  at  least  2.5  ft  (0.8  m)  apart. 

To  calculate  the  undrained  shear  strength  (cu)  of  the 
soil,  the  method  uses  the  maximum  turning  moment  required  to 
shear  the  soil: 

cu  =  £  (Eq.  3-1) 

where  T  =  maximum  applied  torque  (corrected  for  friction) 
K  =  constant  depending  on  dimensions  and  shape  of 
vane  and  assumed  shear  distribution  along  the 
ends  of  the  vane. 

MIT  has  considerable  experience  with  the  Norwegian 
Geonor  rectangular  device,  (Andersen  and  Bjerrum,  1956) 
which  has  its  own  casing  and  a  protecting  shoe  for  the  vane 
head  so  that  it  requires  no  preboring  when  it  is  pushed  in 
medium  to  soft  clays.   Prior  to  each  test,  the  vane  head 
is  extended  out  of  the  shoe  by  a  distance  of  about  20  in. 
(0.5  m) ,  thus  complying  with  the  ASTM  standard. 

The  field  vane  has  found  many  uses  over  the  years,  which 
the  next  Sections  will  emphasize.   The  most  commonly 
derived  properties  from  field  vane  tests  include: 

1)  Undrained  shear  strength  of  soft  to  medium  clays. 

2)  Sensitivity  of  cohesive  soils  (ratio  of  undisturbed 
to  remolded  strength). 

3)  Index  of  soil  variability  within  a  deposit. 

The  field  vane  results  can  also  be  employed  to  estimate  the 
stress  history  of  cohesive  soils  if  one  uses  the  Normalized 
Soil  Properties  concept,  as  will  be  discussed  in  Section 
3-4 .   Use  of  the  field  vane  test  in  design  practice  is 
illustrated  in  case  studies  presented  in  Appendices  A  to  F, 
these  involving  soils  ranging  from  a  lean  highly  sensitive 
marine  clay  to  a  very  plastic  deltaic  clay.   Data  from 
other  sites  analysed  by  MIT  and  from  the  literature  are 
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also  used  as  appropriate. 

3.2   THEORETICAL  ANALYSES  AND  METHODS  OF  INTERPRETATION 

Computation  of  the  undrained  shear  strength  (cu)  from 
field  vane  torque  measurements  assumes  full  and  uniform 
mobilization  of  cu  along  the  circumference  of  the  vane  dia- 
meter and  varying  distributions  along  the  two  ends  (Oster- 
berg,  1956;  Ladd  et  al.,1977).   The  general  formula  for 
square-ended  vanes*  is: 


c._  = 


1 (Eq.  3-2) 


u    ^3 

ttD"3  /L  +  a.) 

2    D    2 

where  a  =  factor  depending  on  shear  distribution  assumed 
at  ends  of  vane  failure  cylinder. 
=  2/3  for  uniform  shear  stress 
=  3/5  for  parabolic  distribution 
=  1/2  for  triangular  distribution 

For  square-ended  vanes  with  L/D=2,  the  equation  reduces  to 

■  T  _       6T  (Eq.    3-3) 

Cii    —    ~—~— — ■ — — — — —~    — 

ttD2(L   +    D/3)       7ttD3 
2 

One  of  the  main  problems  associated  with  the  above  inter- 
pretation lies  in  the  assumption  of  full  mobilization  of 
strength  along  a  cylindrical  failure  surface  of  diameter  D, 
While  the  various  end  assumptions  in  Eq.   3-2  make  little 
difference  (less  than  4%) ,  an  actual  cylindrical  failure 
surface  may  not  develop  at  maximum  torque,  as  illustrated 
in  Figure  15  .   X-ray  pictures  taken  during  a  laboratory 
vane  test  on  a  cemented  sensitive  clay  showed  no  evidence 
of  a  shear  surface  at  the  peak  strength,  substantially 
larger  rotations  being  required  to  fully  develop  a 


*For  tapered  vanes,  see  example  calculation  in  Figure  A-6 
(Appendix  A) . 
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cylindrical  failure  surface.   While  this  may  be  an  extreme 
case,  progressive  failure  undoubtedly  affects  FV  cu  values 
(also  noted  by  Amar  et  al.,  1975),  especially  in  lean  sen- 
sitive clays.   Additionally,  some  workers  believe  that  the 
failure  surface  can  be  larger  than  the  vane  diameter  (e.g., 
Arman  et  al.,  1975),  but  little  firm  evidence  of  this 
exists.   It  is  also   noteworthy  that  FV  cu/o^Q   values  for 
normally  consolidated  lean  clays  are  typically  less  than 
0.5  (1-K0) ,  where  K   is  the  coefficient  of  earth  pressure 
at  rest.   Thus  an  in  situ  shear  stress  acts  during  the  test 
that  is  larger  than  the  measured  cu,  which  obviously  com- 
plicates any  theoretical  interpretation  of  the  test. 

Several  workers  attempted  to  use  the  field  vane  test 
to  measure  in  situ  strength  anisotropy  by  means  of  vanes 
with  different  L/D  ratios  and  also  with  diamond- shaped 
vane  heads  (e.g.,  Aas,  1967;  Northwood  and  Sangrey,  1971; 
Richardson  et  al.,  1975;  Wiesel,  1973;  and  Menzies  and 
Mailey,  1976) .    The  resulting  ratio  of  the  strength  on  the 
horizontal  shear  surface  to  that  on  the  vertical  shear  sur- 
face varied  from  values  of  1.5  to  2.0  for  three  normally 
consolidated  sensitive  clays  (Aas,  1967) ,  to  only  about 
0.5  for  an  overconsolidated  North  Sea  clay  deposit  (Menzies 
and  Mailey,  1976) .   On  the  other  hand,  Wiesel  obtained 
values  between  0.6  and  0.8  for  a  soft  sensitive  Swedish 
varved  clay.   Inclined  surfaces,  investigated  with  diamond- 
shaped  vanes,  yielded  strengths  between  the  c  values  on 
vertical  and  horizontal  surfaces.   Ladd  et  al.  (1977) ,  how- 
ever, question  the  value  of  these  data,  both  regarding 
their  true  meaning  and  how  they  could  be  used  in  practice, 
for  the  following  reasons: 

1)  The  effects  of  progressive  failure  must  certainly 
vary  with  the  inclination  of  the  "shear  surface" 
in  an  unpredictable  manner,  as  would  the  influence 
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of  disturbance  during  insertion  of  the  vane. 

2)  Bjerrum  (1973)  summarizes  data  from  special  direct 
simple  shear  tests  performed  by  Soydemir  (1976) 

on  three  clays,  indicating  that  c  values  on  the 
horizontal  and  vertical  shear  surfaces  do  not  re- 
present the  extreme  values  of  strength.   These 
extreme  values  occur  at  intermediate  orientations 
and  show  a  strength  anisotropy  about  1.5  to  2.5 
times  larger  than  given  by  the  special  vane  tests. 
This  behavior  is  inconsistent  with  the  results  of 
diamond- shaped  vane  tests. 

3)  Except  for  the  strength  on  a  horizontal  shear  sur- 
face, none  of  the  other  surfaces  correspond  to 
modes  of  failure  of  practical  interest. 

Some  workers  have  calculated  undrained  stress  strain 
moduli  from  vane  test  results  (Young's  modulus,  Eu  or  shear 
modulus,  G) .   For  example,  Wiesel  (1973)  used  Cadling  and 
Odenstad's  (1950)  equation,  given  below: 

G  =  57^  (Eq.  3-4) 

with  x  =  shear  stress  at  oo 

0)  =  angular  rotation  in  radians 

and   a  special  apparatus  that  measured  the  torque  and  angu- 
lar rotation  just  above  the  vane  housing  rather  than  at 
ground  surface.   But  no  comparison  with  moduli  obtained  by 
other  methods  were  given.   Madhav  and  Rama  Krishna  (1977) 
developed  a  more  correct  theoretical  expression  for  the 
value  of  shear  modulus  from  field  vane  tests  and  obtained, 
for  a  rectangular  vane  with  L/D=2 

G  ■  ott^  <E<J-  3"5) 
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or  a  G  value  3  times  larger  than  that  given  by  Cadling  and 
Odenstad's  (1950)  expression  . 

Schmertmann  (1975)  attempted  to  analyze  the  FV  test  in 
terms  of  effective  stresses  in  order  to  assess  potential 
effects  of  varying  soil  type  and  stress  history  on  the 
values  of  c  (FV)/cfv0,  concluding  that  partial  drainage 
and  increases  in  K  could  both  produce  substantial  in- 
creases in  cu(FV) . 

3.3   EFFECT  OF  TEST  PROCEDURES  AND  SOIL  TYPE  ON  RESULTS 

3.3.1   Test  Procedures 

Flaate  (1966)  summarizes  various  factors  known  to  in- 
fluence field  vane  test  results  in  a  given  soil.  His  work 
and  that  of  others  show  the  following: 

1)  Disturbance  due  to  inserting  the  vane  head  in- 
creases with  the  area  ratio  (i.e.,  cross-sectional 
area  of  vane  blades  plus  stem  divided  by  area  of 
circumscribed  cylinder) .   La  Rochelle  et  al.  (1973) 
present  data  on  this  for  two  sensitive  clays. 

2)  Increasing  the  rate  of  rotation  by  a  factor  of  ten 
causes  a  5  to  2  0%  increase  in  the  measured  torque 
(Cadling  and  Odenstad,  1950;  Skempton,  1948; 
Wiesel,  1973).   A  rate  of  0.1°/sec  is  generally 
recommended*.   Also  see  Aas  (1965)  for  results  of 
"drained"  tests  taking  2  to  4  days  for  failure, 
these  giving  strengths  equal  to  or  some  2  0+10% 
higher  than  standard  field  vane  c   values. 


*A  much  faster  rate  of  rotation  is  appropriate  for  small 
scale  laboratory  vanes  in  order  to  minimize  drainage  and 
maintain  a  constant  angular  shear  velocity.   Per low  and 
Richards  (1977)  discuss  this  important  point  and  recommend 
using  a  standard  angular  shear  velocity  of  0.15  mm/sec. 
This  would  correspond  to  rotation  rates  of  10  to  20°/min 
for  vane  diameters  of  2  to  4  in.  (5  to  10  cm) . 
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3)  A  delay  between  vane  insertion  and  testing  caused 
a  substantial  increase  (20  to  50%' for  a  delay  of 
about  one  day)  in  c  values  measured  with  the 
Geonor  vane  for  several  Norwegian  marine  clays 
(Aas,  1965;  Flaate,  1966) .   However  Schmertmann 
(1975)  quotes  results  showing  that  cu  can  also 
decrease  by  up  to  5  0%  after  a  one  day  delay. 

4)  Large  changes  in  the  L/D  ratio  can  influence  the 
calculated  strengths  due  to  variations  in  the 
mobilized  resistance  along  vertical  and  horizontal 
surfaces  (e.g.,  Aas,  1965).   This  can  result  from 
true  c   anisotropy  and/or  conditions  peculiar  to 
the  mode  of  failure  imposed  by  the  field  vane  test. 

5)  Friction  effects  along  the  vane  insertion  rod  need 
to  be  measured  and  taken  into  account  in  the  torque 
used  to  compute  cu  in  Eq.  3-2.   These  effects  can 
become  very  important  at  large  depths. 

6)  Insertion  depth  of  vane  blades  into  undisturbed 
soil:   a  minimum  of  five  diameters  is  recommended. 

3.3.2   Soil  Type  and  Stress  History 

The  importance  of  varying  test  procedures  effects  on 
the  vane  strength  depends  on  the  type  of  clay  and  its 
stress  history.   For  example,  disturbance  due  to  insertion 
of  the  vane  head  will  probably  increase  in  brittle  sensi- 
tive clays  (LaRochelle  et  al.  1973).   Roy  (1975)  also 
states  that  the  importance  of  disturbance,  strain  and  delay 
in  start  of  test  varies  with  clay  sensitivity  and  its 
stress-strain  characteristics.   Bjerrum  (1972,  1973)  quan- 
tified the  effect  of  strain  rate  and  strength  anisotropy 
as  a  function  of  soil  plasticity.   Figure  16.  reproduces 
his  suggested  correlation.   As  seen  from  the  diagram,  the 
shear  strength  measured  by  vane  tests  is  generally  greater 
than  the  appropriate  value  for  stability  analyses,  and  the 
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discrepancy  increases  with  the  plasticity  of  the  soil. 
Bjerrum  believed  the  difference  was  due  primarily  to  strain 
rate  effects,  but  partly  also  to  strength  anisotropy. 

Stress  history  also  affects  the  values  of  undrained 
shear  strength  measured  by  the  field  vane,  as  c   increases 
with  overconsolidation  ratio.   As  seen  in  the  Portsmouth, 
Saugus  and  Louisiana  levee  case  histories  (Appendices  B,  E 
and  F) ,  the  variation  in  cu  with  depth  can  also  indicate 
changes  in  the  maximum  past  pressure  profile.   The  writers 
suggest  that  it  is  often  possible  to  correlate  values  of 
the  field  vane  strength  normalized  with  respect  to  the  in 
situ  effective  overburden  stress  (cu/a^0)  to  the  stress  his- 
tory of  the  deposit.   Section  3.4  will  present  these  re- 
sults. 

Soil  heterogeneity  due  to  the  presence  of  shells, 
sand  lenses,  organic  fibers,  stones,  etc.  can  have  very 
significant  effects  on  vane  test  results.   For  example,  the 
numerous  shells  and  sand   lenses  in  the  Portland  organic 
clay  (Appendix  A)  are  thought  to  be  the  main  cause   for 
vane  strengths  approximately  double  the  correct  in  situ 
strength.   Vane  strengths  in  soils  having  a  high  content  of 
organic  fibers  are  also  likely  to  be  too  large  (e.g., 
Appendix  F;  Leussink  and  Wenz,  1967;  Northwood  and  Sangrey, 
1971) . 

3.3.3   Conclusions 

In  view  of  the  above,  it  obviously  follows  that  the 
field  vane  test  cannot  be  theoretically  interpreted,  at 
least  in  any  simple  fashion.   The  device  should,  therefore 
be  employed  as  a  "strength  index"  test  requiring  empirical 
correlations  to  give  suitable  c  values  for  use  in  design. 
Further,  if  such  correlations  are  to  be  of  widespread  prac- 
tical value,  the  procedures  employed  in  field  vane  testing 
should  be  standardized. 
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The  many  possible  procedural  variations  in  the  field 
vane  test  often  have  opposite  effects  and  are  difficult  to 
quantify.   Schmertmann  and  Morgenstern  (1977)  describe  the 
field  vane  test  as  a  "response  to  a  given  test  procedure" 
and  list  16  factors  (both  procedural  and  soil  characterized) 
likely  to  alter  the  values  of  measured  peak  strength*. 
The  importance  of  standard  testing  procedures  cannot  there- 
fore be  overemphasized. 

Ladd  (1967)  pointed  out  that  the  field  vane  measures 
a  strength  in  a  failure  mode  unlike  anything  else  in 
design  practice  and  that  there  is  no  logical  reason  why 
the  device  should  yield  the  correct  strength.   However,  if 
vane  results  can  be  "calibrated"  via  comparisons  where  the 
actual  strength  is  known,  then  the  vane  test  can  be  an 
extremely  useful  design  tool. 

3.4   EVALUATION  OF  FIELD  DATA  AND  EMPIRICAL  CORRELATIONS 

3.4.1   Field  Vane  Versus  In  Situ  Strengths  and 
Derived  Correction  Factors 

Figure  17.  compares  field  vane  strength  with 
in  situ  reference  strengths  at  six  MIT  test  sites.   The 
latter  are  either  based  on  or  supported  by  analyses  of 
embankment  failures  and  should  represent  the  average  c 
for  a  circular  arc  failure.   As  summarized  below,  the  FV 
cu  values  are  generally  higher  than  the  in  situ  strength, 
the  discrepancy  apparently  increasing  with  plasticity 
index : 


*They  also  question  the  correlation  of  field  vane  strength 
to  soil  type  via  the  plasticity  index.   Section  3.4  will 
expand  on  this  subject. 
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Site*        Plasticity     In  Situ  c  (FV) 


Index,  PI(%)    Reference  c„  ^_ 


Portsmouth  15*3  SHANSEP       10%  too  low 

Saugus  BBC  21±3  SHANSEP       See  Figure  3-4 (b) 

cvvc  2  5-30  SHANSEP       15%  too  high 

Portland  34±8  From  Failure  52%  too  high 

Louisiana  60±20  SHANSEP       30-60%  too  high 

In  the  case  of  Saugus  Boston  Blue  clay,  the  ratio  of  c  iFV) 

to  the  in  situ  strength  was  a  function  of  stress  history 

(see  Appendix  E  and  discussion  in  following  paragraphs) . 

Bjerrum  (1972)  reviewed  16  well  documented  embankment 
failure  on  cohesive  foundations  for  which  field  vane  test 
data  were  available.   The  computed  factors  of  safety  based 
on  circular  arc  stability  analyses  and  c   from  field  vane 
tests  were  plotted  versus  the  plasticity  index  of  the  soil 
and  a  straight  line  fitted  through  the  data  points.   From 
this  line,  Bjerrum  developed  the  field  vane  correction 
factor  (y  =  1/Factor  of  Safety)  curve  shown  in  Figure  18 
which  he  recommended  for  use  in  the  design  of  embankments**. 
The  figure  shows  the  data  used  by  Bjerrum  to  develop  his 
relationship  and  results  presented  subsequently  by  Ladd 
et  al.  (1977) .   The  figure  also  shows  the  MIT  data  from 
Appendices  A  to  F  and  Table  2   lists  the  pertinent  field 
vane  correction  factors.   At  three  locations,  the  degree  of 
overconsolidation  was  important,  the  field  vane  correction 
factor  y  decreasing  with  higher  OCR. 

The  Bjerrum  (1972)  correction  factor  applies  to  circu- 
lar arc  plane  strain  analyses,  thus  neglecting  end  effects. 
As  briefly  discussed  in  Appendices  A,  B  and  E  and  as  shown 
by  Azzouz  and  Baligh  (1978) ,  the  magnitude  of  three-dimen- 
sional effects  on  the  factor  of  safety  of  typical  embankments 
averaged  5  to  10%. 


*BBC  =  Boston  Blue  clay 
CWC  =  Connecticut  Valley  varved  clay 

**Bjerrum  (1973)  subsequently  evaluated  case  studies  invol- 
ving failures  of  footings  and  unsupported  excavations  and 
considered  this  relationship  similarly  acceptable. 
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The  scatter  about  Bjerrum's  recommended  curve,  pro- 
bable variations  in  PI  and  uncertainties  in  circular  arc 
stability  analyses  has  led  Milligan  (1972) ,  Schmertmann 
(1975)  and  Schmertmann  and  Morgenstern  (1977)  to  seriously 
question  this  entire  design  approach.   Variable  test  pro- 
cedures also  probably  caused  some  of  the  scatter  in 
Figure   19. 

Holtz  and  Wennerstrand  (1972)  presented  a  range  of 
vane  correction  factor  as  used  by  the  Swedish  Geotechnical 
Institute  (SGI) .   The  difference  between  the  Bjerrum  and 
SGI  curves  are  rather  small  at  plasticity  indices  greater 
than  6  0%. 

The  Saugus  Boston  Blue  clay  and  Connecticut  Valley 
varved  clay  case  studies  indicate  that  the  field  vane 
correction  factor  may  vary  with  stress  history.   This  ten- 
tative conclusion  is  based  on  comparison  of  FV  and  SHANSEP 
c  /avo  values  at  varying  OCR,  as  shown  in  Figure  19. 
rather  than  case  histories  of  embankment  failures  per  se. 
However,  model  footing  tests  and  one  embankment  failure 
do  support  the  trend  obtained  for  Boston  Blue  clay,  where 
the  correction  factor  decreases  from  1.1  for  normally 
consolidated  soil  to  0.9  at  OCR=4 .   If  \i   does  indeed  vary 
with  stress  history,  as  suggested  by  Figure   19.  this 
finding  has  important  implications  when  using  Figure  18. 
in  design  practice,  though  the  effect  may  be  restricted  to 
fairly  low  plasticity  clays  of  moderate  to  high  sensitivity , 
In  any  case,  this  topic  deserves  further  research. 

Nevertheless,  the  trend  of  the  relationship  proposed 
by  Bjerrum  is  considered  sound  and  supported  by  data  points 
generally  distributed  fairly  evenly  about  Bjerrum's  curve 
and  usually  within  ±25%  of  its  value.   The  effects  hypothe- 
sized in  Figure  ig  have  been  used  to  explain  the  decrease 
in  correction  factor  with  PI.   Lean  sensitive  clays  often 
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WITH  STRESS  HISTORY  FOR  TWO  CLAYS  (After 
Ladd,  1975;  Vivatrat,  1978) 
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have  a  high  degree  of  strength  anisotropy  (see  Section 
2.3.3)  and  the  field  vane  test  underestimates  the  average 
cu  mobilized  along  an  in  situ  circular  arc  failure  surface. 
With  increasing  PI,  strain  rate  effects  predominate   (Sec- 
tion 2.3.4)  and  the  short  time  to  failure  in  the  field  vane 
test  procedure  leads  to  an  overestimate  of  c  . 

Although  Bjerrum's  (1972)  empirical  correlation  en- 
tails shortcomings  since  several  factors  known  to  affect 
FV  strengths  are  not  uniquely  related  to  plasticity 
index  (e.g.  precise  test  details,  effect  of  stress  history, 
sensitivity,  etc.),  the  writers  feel  that  the  results  pre- 
sented in  Figure  18  fall  within  the  range  of  expected 
uncertainty  in  normal  geotechnical  practice.   It  might  be 
possible  to  reduce  this  variability  by  taking  into  account 
detailed  characteristics  of  the  individual  soils,  such  as 
organic  content,  stress  history,  natural  cementation,  sen- 
sitivity, etc.,  but  even  the  basic  ±  25%  range  compares 
well  with  the  precision  with  which  in  situ  strengths 
appropriate   for  design  use  can  be  measured  via  routine 
testing  procedures.   This  situation  makes  the  correlation 
quite  valuable,  for  it  includes  a  wide  variety  of  clays 
ranging  from  lean  sensitive  to  highly  plastic  organic 
materials. 

3.4.2   Effect  of  Soil  Type  and  Stress  History 
on  Normalized  Field  Vane  Strength 

For  normally  consolidated  (NC)  clays,  previous  inves- 
tigators have  studied  the  variation  of  the  field  vane 
strength  normalized  with  respect  to  the  effective  overbur- 
den stress  (cu/tf^0)  as  a  function  of  PI.   Figure   20 
summarizes  the  most  significant  past  results.   Skempton 
(1954,  1957)  proposed  the  linear  relationship 

cu/°vo  (NC)  =  0.37 (PI)  +  0.11         (Eq.  3-7) 
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based  on  field  vane  and  laboratory  unconfined  compression 
(UC)  and  unconsolidated-undrained  triaxial  compression  (UUC) 
tests  run  on  normally  consolidated  sedimentary  clays. 
Bjerrum  (1972)  modified  the  relationship  slightly  to  better 
fit  data  in  soft  Norwegian  clays.   Lunne  et  al.  (1976) 
presented  data  generally  in  agreement  with  the  above 
trends,  although  it  was  not  possible  for  the  writers  to 
accurately  ascertain  the  overconsolidation  ratios  at  each 
site.   (The  Lunne  et  al.  field  vane  data  shown  in  the  figure 
come  from  the  sites  used  in  Chapter  4  to  establish  a  cor- 
relation factor  for  Dutch  cone  tests) .   The  data  from  the 
MIT  case  histories*  agree  well  with  the  Skempton  (1957) 
relationship  as  shown  in  Figure  21,   except  for  the  Portland 
case  where  shells,  sand-lenses,  bits  of  wood  and  a  very 
rapid  test  strain  rate  produced  a  very  large  vane  strength. 
Table  3    summarizes  plasticity  and  strength  anisotropy 
characteristics  for  each  soil  and  the  normalized  field  vane 
strength  ratio  at  OCR  =  1.0. 

The  data  in  Figure  21   were  then  "corrected"  to  yield 
estimates  of  the  in  situ  strength  appropriate  for  circular 
arc  stability  analyses  by  using  the  field  vane  correction 
factors  listed  in  Table   2.    Figure  22   plots  these 
values  versus  plasticity  index.   For  non-layered,  relative- 
ly homogeneous  clays  (i.e.  absence  of  shells,  fibers, 
etc.)  the  resulting  cu/a^0  ratios  fall  within  a  fairly 
narrow  range  that  is  close  to  the  Ladd  and  Edgers  (1972) 
band  of  0.23±0.03  based  on  K   consolidated-undrained  direct 
simple  shear  (CKoUDSS)  tests.   Mesri  (1975)  also  called 
attention  to  an  interesting  implication  of  Bjerrum' s  (1972) 
correction  factors.   By  normalizing  the  vane  strength  in 


*Data  from  two  additional  sites  (New  Liskeard  varved  clay 
and  AGS  CH  clay)  were  added  for  comparison  purposes. 
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FIGURE  21.    NORMALIZED  FIELD  VANE  STRENGTH  FOR 
NORMALLY  CONSOLIDATED  CLAY  FROM  MIT 
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terms  of  c  /a^  instead  of  cu/a^0,  where  a^  is  the  maximum 
past  pressure*,  Mesri  obtained  a  practically  constant 
corrected  field  vane  shear  strength  ratio  equal  to  0.22. 
This  value  fits  in  well  with  the  results  plotted  in  Figure 
23. 

Ladd  et  al.  (1977)  proposed  the  relationship 

cu/a^0  (OC) 

M    (NC)  "  <«*>"  (E*'  2"2) 

where  cu/of       (OC)  =  normalized  strength  of  overconsolidated 

clay 
cu/gvo  (NC)  =  normalized  strength  of  normally  con- 
solidated clay 
OCR  =  overconsolidation  ratio 
m  =  exponent 

They  obtained  m  values  of  0.85  to  0.75  from  CKQU  direct 
simple  shear  tests  on  a  variety  of  clays,  with  the  larger 
m  values  at  low  overconsolidation  ratios.   Field  vane  data 
from  the  six  MIT  case  studies  (plus  the  New  Liskeard  and 
AGS  clays)  were  analysed  using  Eq.  2-2  and  values  of  m  for 
the  best  curve  fit  were  then  computed.   Table  3    summar- 
izes the  results  and  Figures  23  isbcws  the 
test  data  at  each  site**.   The  figures  also  illustrate  the 


*At  OCR  =1.0,  c^/o^m   =  cu/a^0 

**With  respect  to  the  Louisiana  levee  data  in  Figure 
(b) ,  the  field  vane  strength  ratio  for  NC  Atchafalaya 
clay  decreased  with  depth  (see  Figure  F-17  and  Appendix 
F) .   Based  on  data  at  the  centerline  (where  most  of  the 
deposit  was  normally  consolidated),  the  value  of  0.33± 
0.04  was  selected  as  representative  of  the  field  vane 
cu/aVo(NC)«   Linear  regression  on  the  test  data  for 
OCR>1.0,  gave  cu/a^-0  (NC)  =0.38  and  m=0.90.   Figure   23 
(b)  shows  two  regression  lines,  both  with  slope  m  of 
0.90,  but  with  cu/cr^0(NC)  equal  to  0.33  and  0.38  respec- 
tively. 
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procedure  for  obtaining  the  values  of  m: 

1)  Plot  c  /o'      versus  OCR  as  a  log-log  relationship. 

2)  Fit  best  straight  line  through  data  points. 

3)  Slope  of  straight  line  represents  the  value  of  the 
exponent  m. 

Figure   24   summarizes  the  values  of  m  obtained  for 
each  case  study  plotted  versus  plasticity  index.  (For 
comparative  purposes,  Figure  25   presents  laboratory  and 
field  vane  normalized  strength  data  for  the  New  Liskeard 
and  AGS  clays.   Similar  plots  for  the  other  case  studies 
presented  in  Table  3    are  shown  in  Appendices  A  to  F) . 
Figure  24   indicates  that  the  value  of  the  exponent  m  from 
field  vane  tests:   (1)  is  probably  independent  of  PI;  (2) 
varies  within  a  fairly  narrow  band;  and  (3)  is  generally 
equal  to  or  only  slightly  larger  than  that  predicted  by 
Ladd  et  al.  (1977)  from  CK0UDSS  laboratory  tests. 

The  relationship  expressed  by  Eq.  2-2  with  an  m  value 
between  0.8  and  0.95  for  non-layered  sedimentary  clays  has 
practical  significance  as  it  provides  a  useful  method  to 
either  estimate  the  stress  history  from  results  of  vane 
tests  (since  a*      is  generally  very  easy  to  obtain)  or  to 
estimate  the  field  vane  strength  of  a  clay  with  varying  OCR 
given  the  cu/a^Q  ratio  at  only  one  OCR. 

In  was  previously  established  (e.g.  Figure  22  )  that 
the  normally  consolidated  value  of  the  in  situ  shear 
strength  of  most  relatively  homogeneous  sedimentary  clays 
falls  within  a  fairly  narrow  range  equal  to  0.22±0.04. 
The  question  of  how  this  range  should  vary  with  OCR  will 
now  be  addressed.   If  the  field  vane  correction  factor  were 
independent  of  stress  history,  then  Eq.  2-2  with  m  equal  to 
0.8  to  0.95  would  apply.   But  in  at  least  two  cases 
(Figure  19  ) ,  the  correction  factor  is  thought  to  decrease 
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with  increasing  OCR.  In  other  words,  the  in  situ  c  /a^Q 
increases  with  OCR  less  rapidly  than  does  the  field  vane 
c  /ovo.  Hence  the  m  exponent  becomes  smaller,  as  illus- 
trated below: 


Value 

of 

m 

Site 

FV  cu 
0.96 
0.99 

In  Situ  c 
0.82 
0.83 

Saugus  BBC 
CWC 

The  dotted  lines  in  Figure   24   show  the  reduction  in  m  for 
these  two  cases. 

Based  on  these  two  cases,  the  fact  that  most  of  the 
other  data  points  in  Figure   24   fall  within  the  range  of 
m  =  0.8  to  0.85,  and  the  results  of  the  CKQUDSS  laboratory 
shear  tests,  the  writers  recommend  the  following  relation- 
ship for  the  in  situ  strength  ratio: 

cu/o^  =  (0.22  ±  0.04)  (OCR)0,8"0'85    (Eq.  3-8) 

Upper  and  lower  limits  predicted  by  Eq.  3-8  are  plotted  in 
Figure   26,   which  also  includes  corrected  field  vane 
strengths  from  the  MIT  case  studies.   These  results 
suggest  that  Eq.  3-8  should  provide  a  reasonable  estimate 
of  the  in  situ  strength  of  most  relatively  homogeneous, 
non-cemented  sedimentary  clays. 

A  comment  should  be  made  on  other  uses  of  the  field 
vane.   For  example,  it  is  probably  the  only  in  situ  test 
that  can  measure  soil  sensitivity  (the  ratio  of  the  undis- 
turbed to  the  remolded  undrained  strength) ,  which  gives 
important  insight  concerning  the  nature  of  a  failure,  e.g. 
sudden  and  dramatic  for  highly  sensitive  clays.   Variations 
in  cu(FV)  profiles  can  also  give  an  estimate  of  changes 
in  stress  history   if  the  basic  soil  type  remains  fairly 
constant.   Finally,  field  vane  results  provide  a  good  idea 
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of  the  strength  variability  throughout  the  profile. 
3.4.3   Summary 
Section  3.4  has  led  to  the  following  observations: 

1)  The  field  vane  test  can  give  reasonable  estimates 

of  the  in  situ  strength  appropriate  for  total  stress 
stability  analyses  with  most  sedimentary  clays  if 
the  measured  data  are  "corrected"  using  Bjerrum 
(1972)  empirical  relationship  with  plasticity 
index  (Figure  18  ) .   The  range  of  uncertainty 
associated  with  this  method  generally  lies  within 
±25%  for  relatively  homogeneous  clays  (e.g.  without 
shells,  sand  layers,  etc.). 

2)  There  is  some  evidence  that  the  field  vane  correc- 
tion factor  may  vary  with  overconsolidation  ratio. 
This  tentative  finding  could  constitute  an  impor- 
tant topic  for  future  research  with  the  FV  test. 

3)  The  uncorrected  field  vane  strength  ratio  of 
normally  consolidated  homogeneous  sedimentary 
clays  follows  quite  closely  the  relationship  ori- 
ginally proposed  by  Skempton  (1954) : 

cu/avo  (NC)  =  °*37  (PI)  +  °-1:L       (Ec3*  3~7) 

4)  After  applying  Bjerrum' s  (1972)  empirical  correla- 
tion, the  corrected  field  vane  c  /a'   of  most  NC 
clays  appears  essentially  independent  of  PI,  and 
falls  within  a  narrow  band  equal  to  0.2  2  ±  0.04. 

5)  Stress  history  affects  the  FV  strength  ratio  in 
the  following  manner: 

Cu/^vo  <oc)  =  cu/avo  (NC)x(OCR)m     (Eq.  2-2) 

with  m  values  probably  lying  between  0.8  0  and  0.9  5 
for  most  uncemented  non-layered  clays.  However,  the 
in  situ  cu/Oy0  increases  with  OCR  less  rapidly  than 
the  FV  cu/o\/0,    with  the  m  exponent  between  0.8  and  0.85. 
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6)  Based  on  (4)  and  (5) ,  it  follows  that  the  in  situ 
c   appropriate  for  undrained  stability  analyses  can 
be  estimated  fairly  reliably  for  most  homogeneous 
non-layered  sedimentary  clays  via  the  relationship: 

0.8-0.85 
cu/avo  =  (°-22  ±   °-04)  (OCR)        (Eq.  3-8) 

3.5   RECOMMENDED  PRACTICE 

3.5.1   Test  Equipment  and  Procedures 

It  is  essential  that  the  test  equipment  and  procedures 
be  standardized.   Major  requirements  include: 

1)  Proper  insertion  depth  in  undisturbed  soil;  i.e. 
minimum  of  five  vane  housing  or  borehole  diameters. 

2)  Control  of  strain  rate:   the  writers  recommend 

a  geared  head  to  ensure  a  testing  rate  of  6°/min. 

3)  Proper  size  and  shape  of  vane:   use  only  as  pre- 
scribed by  ASTM  Standard  D-2573. 

4)  Account  for  friction  in  vane  rods,  especially  at 
great  depths.   Frequent  friction  checks  should  be 
made  in  the  manner  prescribed  by  ASTM. 

5)  Perform  test  on  remolded  clay  (after  10  rotations 
of  the  vane  head)  at  each  depth  to  obtain  the  sen- 
sitivity of  the  soil. 

6)  Adequate  recording  and  handling  of  test  data; 
equipment  with  automatic  and  continuous  plotting 
of  measured  torque  and  rotation  angle  is  often 
advantageous . 

The  field  vane  test  has  the  great  advantage  of  simpli- 
city/ being  a  self-contained  measurement  unit,  not  requir- 
ing electronic  support  equipment  nor  high  technology.   How- 
ever, it  gives  discontinuous  test  results  (at  most  every 
2.5  ft  [0.8  m]  )  ,  and  can  thus  miss  important  discontinuities 
and/or  localized  weak  layers.   Also  the  FV  test  should 
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generally  be  restricted  to  clays  that  do  not  contain  shells, 
sand  layers,  etc.  as  these  often  cause  too  high  measured 
strengths. 

3.5.2   Estimation  of  In  Situ  Undrained  Shear  Strength 
and  Correlations  With  Stress  History 

Use  of  the  field  vane  test  in  design  practice  is 
already  well  established  and  would  usually  proceed  along 
the  following  lines: 

1)  Study  boring  logs  and  local  geology  to  help  decide 
the  location  and  number  of  tests. 

2)  Prepare  profiles  of  c  (FV) ,  including  both  undis- 
turbed and  remolded  values,  using  Eq.  3-2  to  com- 
pute strengths  from  measured  torque  data. 

3)  Compare  strength  profiles  and  index  properties  to 
ascertain  general  variability  and  which  "zones" 
can  be  considered  collectively. 

4)  Compute  average  values  of  the  peak  strength  over 
appropriate  intervals,  excluding  values  that  might 
be  too  high  (e.g.  sand  layers,  etc.)   Note  that 
there  may  be  cases  when  it  is  prudent  to  use  values 
less  than  the  average  based  on  engineering  judge- 
ment. 

5)  Tabulate  the  above  strengths  and  the  average  plas- 
ticity index  (PI)  of  each  layer.   Use  Figure   18 
to  select  Bjerrum's  (1972)  field  vane  correction 
factor  and  calculate  c  (in  situ)  =  y  x  c  (FV) .   If 
local  experience  had  already  established  a  cor- 
rection factor  for  the  deposit,  this  value  would, 
of  course,  be  used  rather  than  Bjerrum's  relation- 
ship. 

6)  Plot  the  c  (in  situ)  profiles  and  select  strength 
values  for  stability  analyses,  perhaps  using  a 
range  in  values  if  the  strength  data  are  erratic. 
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As  previously  discussed  in  Section  3.4.1,  this 
approach  generally  has  an  inherent  uncertainty  on  the  order 
of  ±25%,  based  on  the  results  plotted  in  Figure  18 
and  it  is  restricted  to  relatively  homogeneous  sedimentary 
clays.   In  many  cases  this  uncertainty  may  be  perfectly 
acceptable,  for  example  if  the  computed  factor  of  safety 
for  an  ordinary  embankment  is  greater  than  two.   But  often 
it  is  not  and  one  should  generally  check  whether  the 
design  strengths  are  reasonable  based  on  the  likely  stress 
history  of  the  deposit.   This  requires  estimates  of  the 
in  situ  maximum  past  pressure,  Oym,  and  hence  results  of 
oedometer  tests.   One  would  then  compare  the  design 
strengths  to  that  computed  using  the  empirical  correlation: 

cu/avo  =  (0.22  ±  0.04) (OCR)0*8"0'85 (Eq.  3-8) 

Values  falling  outside  of  this  range  would  call  for  a 
reassessment  of  the  likely  in  situ  stress  history  and  per- 
haps a  laboratory  shear  test  program. 

On  major  projects  and  whenever  the  same  deposit 
extends  over  a  wide  area  that  will  involve  continued  geo- 
technical  investigations,  local  correlations  should  be 
developed  between  normalized  field  vane  strengths  and 
stress  history,  e.g.  plots  of  cu(FV)/a^0  vs  OCR  such  as 
shown  in  Figure   23.   This  serves  two  very  useful  pur- 
poses: 

1)  The  results  can  be  compared  to  data  obtained  on 
other  clays  to  see  if  the  deposit  has  "typical" 
behavior- 

2)  The  field  vane  data  can  be  used  to  help  establish 
the  stress  history  profile  at  new  locations,  there- 
by reducing  the  cost  of  laboratory  testing. 

The  latter  use  is  particularily  beneficial  once  prior 
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testing  has  developed  normalized  soil  parameters  for  the 
deposit,  e.g.  correlations  between  K0,  Eu/cu,  Ks=cu(H)/c 
(V)  etc.  versus  OCR. 

3.6   SUMMARY  AND  CONCLUSIONS 

In  spite  of  being  one  of  the  oldest  and  most  widely 
used  in  situ  devices  for  measuring  the  strength  of  cohesive 
soils,  the  field  vane  still  defies  theoretical  interpreta- 
tion in  a  rational  manner  due  to  its  peculiar  mode  of 
failure,  disturbance  during  insertion  into  the  soil,  strain 
rate  effects,  etc.   The  device  must  therefore  be  considered 
as  a  "strength  index"  test  requiring  empirical  correlations 
to  give  reliable  cu  values  for  use  in  design.   Fortunately 
wide  experience  has  recently  lead  to  development  of  a 
suitable  correlation,  such  that  the  field  vane  test  now  pro- 
vides an  extremely  useful  and  quite  reliable  method  for 
estimating  the  in  situ  strength  of  clays. 

The  Chapter  summarizes  and  evaluates  results  from 
six  case  histories  and  experience  reported  in  the  litera- 
ture which  has  lead  to  the  following  conclusions: 

1)  The  importance  of  using  standardized  test  equip- 
ment and  procedures  can  not  be  overemphasized. 
ASTM  D-2573  presents  suitable  guidelines,  except 
that  a  gear  system  is  required  in  order  to  achieve 
a  uniform  rate  of  rotation  equal  to  6°/min. 

2)  The  empirical  relationship  developed  by  Bjerrum 
(1972)  as  a  function  of  the  plasticity  index  of 
the  clay  should  be  used  to  "correct"  measured 
field  vane  strengths  in  the  absence  of  proven  local 
correlations.   The  field  data  presented  in  Figure 

18  support  the. trend  of  Bjerrum1 s  recommended  cor- 
rection factor  and  this  approach  should  yield 
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design  strengths  having  an  uncertainty  falling 
within  ±25%  for  most  relatively  homogeneous  (i.e. 
few  shells,  and  lenses,  etc.)  sedimentary  clays. 

3)  Evidence  from  two  MIT  case  studies  suggests  that 
the  field  vane  correction  factor  may  be  higher  for 
normally  consolidated  than  for  overconsolidated 
clays.   This  tentative  conclusion,  if  correct, 
would  most  likely  apply  to  lean  sensitive  clays 
rather  than  highly  plastic  clays. 

4)  The  FV  strength  ratio,  cu(FV)/a'  ,  of  normally 
consolidated  homogeneous  sedimentary  clays  varies 
with  plasticity  index  in  good  agreement  with 
Skempton's  (1954)  correlation,  as  shown  in  Figures 

20  and  21.      When  "corrected"  with  Bjerrum's  y 
vs  PI  factor  (Figure  18  )  ,  the  resulting  c u/crVo 
ratios  generally  fell  within  a  narrow  band  equal 
to  0.22  ±  0.04,  independent  of  PI. 

5)  The  FV  strength  ratio  increases  with  overconsolida- 
tion  ratio  in  the  following  manner  for  non-layered, 
uncemented  clays: 

c  (FV)/avo  (OC) 

cu(FV)/avo  (NC)    -  (0CR)  (EC*'  3"9> 

where  the  exponent  m  varies  between  0.8  and  0.95 
for  most  clays  and  independently  of  PI.   However, 
the  in  situ  c   /a^Q    increases  with  OCR  less  rapidly 
than  the  FV  strength  ratio,  as  the  m  exponent  varies 
only  between  0.8  and  0.85. 

6)  It  follows  from  (4)  and  (5)  that  the  in  situ 
strength  appropriate  for  use  in  design  of  founda- 
tions on  sedimentary  clays  (if  non-cemented,  rela- 
tively homogeneous  and  non-layered,  etc.)  should 
lie  within  the  range  given  by  the  following  rela- 
tionship: 

cu/ovo  =  (O.22±0.04) (OCR)0'8"0*85  (Eg.  3-8) 


68 


7)  Once  c  (FV)/a^0  has  been  correlated  to  OCR  within 
a  given  deposit,  the  field  vane  test  then  provides 
a  very  useful  and  economical  means  for  estimating 
the  in  situ  stress  history  at  a  new  location  with- 
in this  deposit. 

In  summary,  despite  its  limitations,  the  field  vane 
test  provides  a  fairly  economical,  rapid  and  reliable  means 
for  predicting  the  in  situ  undrained  shear  strength  of 
clay  soils  for  bearing  capacity  and  stability  analyses  if 
the  data  are  obtained  via  established  good  practice  and 
then  corrected  according  to  Bjerrum's  correlation.   This 
approach  is  considered  adequate  for  preliminary  design 
purposes  and  Figure  18  serves  as  a  useful  guide  to  the 
expected  uncertainty.   The  field  vane  test  is  probably 
less  cost  effective  than  the  Dutch  cone  test  in  ascertain- 
ing strength  variability  and  should  be  limited  to  satur- 
ated cohesive  soils.   But  it  yields   somewhat  more  reliable 
estimates  of  design  strengths  in  these  soils  and  can  also 
be  used  to  help  establish  the  stress  history  of  a  deposit. 
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4.   DUTCH  CONE  PENETROMETER  TEST 


4.1   GENERAL  PRACTICE 

The  Stockholm  Conference  (ESOPT,  1974)  produced  con- 
sensus on  the  general  superiority  of  the  quasi-static  cone 
penetrometer  devices  over  dynamic  methods  to  produce  data  of 
quantitative  usefulness  for  design.   Schmertmann  (1975) 
agreed  with  this  conclusion  and  presented  a  thorough  review 
of  the  test  techniques  and  uses  of  the  cone  penetrometer. 

The  most  widely  used  quasi-static  devices,  developed  in 

2       2 

the  Netherlands,  have  a  base  area  of  1.55  in.   (10  cm  ) ,  an 

apex  angle  of  60°  and  are  pushed  down  at  a  rate  of  1  to  2 
cm/ sec. 

Discussion  in  this  chapter  will  be  restricted  to  the 
FUGRO  electrical  cone  (de  Ruiter,  1971) ,  which  makes 
separate  measurements  of  the  cone  resistance  (qc)  and  the 
soil-steel  resistance  (f  )  along  the  friction  sleeve  behind 
the  cone  (Figure  27  )•   Holden  (1974)  and  Schmertmann  (1975) 
discuss  the  relative  merits  of  various  types  of  cone  pene- 
trometers.  Compared  to  mechanical  cones,  electrical  cones 
have  the  advantage  of  continuous  and  generally  more  accurate 
determination  of  q   and  f   within  less  overall  time,  but 
are  more  expensive  and  require  more  maintenance. 

As  illustrated  in  Figure   27,  the  FUGRO  cone  penetro- 
meter used  by  MIT  consists  of  a  straight  cylindrical  shaft 
above  an  inverted  cone  point  with  the  same  base  diameter  as 
the  shaft  and  a  friction  sleeve  situated  immediately  above 

the  conical  point.   The  surface  area  of  the  friction  sleeve 

2        2 
is  23  in.   (150  cm  ) .   Two  separate  strain  gage  load  cells 

in  the  shaft  transfer  the  load  from  the  cone  and  the  sleeve 

to  the  rods  used  to  push  the  cone  into  the  ground.   Note 
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FIGURE  27  DIAGRAM  OF  THE  FUGRO  ELECTRICAL  CONE 
WITH  FRICTION  SLEEVE  (from  Sanglerat 
1972) 
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that  the  conical  point  and  the  friction  sleeve  should  act 
independently  of  each  other.   As  the  thrust  on  top  of  the 
rods  is  applied  at  a  uniform  rate  (1  to  2  cm/sec) ,  the  cone 
penetrates  the  soil  and  cone  resistance  and  sleeve  friction 
are  recorded  simultaneously  and  continuously  (on  a  strip 
chart  recorder,  for  example) .   Penetration  must  stop,  how- 
ever, [e.g.  3  ft  (1  m) ]  in  order  to  add  a  new  rod  to  the 
length  already  in  the  ground.   The  cone  resistance  strain 
gage  load  cell  has  variable  capacities  of  1.1,  5.5   and  11 
tons  (1,  5  and  10  metric  tons)  whereas  the  sleeve  friction 
cell  has  a  maximum  load  of  1650  lbs  (7.3  kN) . 

Dutch  cone  test  data  are  primarily  used  to  predict  the 
undrained  shear  strength  (cu)  of  clays  and  the  friction 
angle  and  compressibility  of  sands.   Correlations  have 
also  been  proposed  to  identify  soil  type  based  on  the  ratio 
fs/q  .   The  present  investigation  considers  the  use  of  the 
cone  penetrometer  only  in  soft  cohesive  soils  and  will 
therefore  concentrate   on  measurements  of  c  and  possible 
identification  of  soil  type.   As  later  shown,  the  cone  is 
also  well-suited  for  investigating  soil  variability. 

Estimate  of  c   from  cone  penetration  test  results 
usually  employs  an  equation  of  the  form 

cu  =  -~-£  (Eq.  4-1) 

where  qc  =  cone  resistance 
Nc  =  cone  factor 
aQ   =  in  situ  total  stress 

Theoretical  solutions  for  N  with  incompressible  c}>=0  mater- 
ials have  been  developed  using  bearing  capacity  and/or 
cavity  expansion  theories.   It  is  also  possible  to  back- 
figure  values  of  N   if  the  in  situ  shear  strength  (called 
the  reference  strength)  is  known  (or  assumed) • 
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The  following  sections  review  existing  cone  penetra- 
tion theories,  including  MIT's  method  of  interpretation, 
and  summarize  the  main  factors  influencing  the  test  results 
Penetrometer  test  results  from  the  several  case  studies 
described  in  Appendices  D,  E  and  F  and  experience  of 
others  are  considered  in  developing  empirical  correlations 
and  recommendations  regarding  use  of  the  electrical  cone 
penetrometer  in  design  practice. 

4.2   REVIEW  OF  EXISTING  CONE  PENETRATION  THEORIES 

Vivatrat  (1978)  describes  in  detail  the  cone  penetra- 
tion process  and  existing  theories  of  cone  penetration. 
Two  approaches  underlie  existing  theories  of  cone  penetra- 
tion:  (1)  bearing  capacity  (or  plane  strain  slip-line 
solutions)  and  (2)  expansion  of  cavities.   Both  approaches 
require  modifications  of  rigorous  solutions  in  considering 
the  effects  of  problem  geometry,  the  true  stress  strain 
behavior  of  soils  and  the  actual  mode  of  deformation. 
Table  4    summarizes  the  cone  penetration  resistance  in 
clays  predicted  according  to  various  existing  theories. 

The  plane  strain  bearing  capacity  solution  treats 
cone  penetration  as  an  incipient  failure  problem  and 
generally  uses  Prandtl's  fundamental  solution  for  a  strip 
footing  on  the  surface  of  a  rigid  plastic  half  space. 
Empirical  factors  account  for  the  difference  in  geometry 
between  a  plane  strain  strip  footing  and  the  axisymmetric 
cone  and  for  the  effect  of  embedment.   The  point  resistance 
q  of  a  cone  is  then  expressed  as: 

qc  =  Nc  cu+avo  (Eg.  4-2) 

where  Nc  =  cone  factor  =  Sf  x  Df  x  5.14 

c   =  undrained  shear  strength  of  clay 
avo  =  in  situ  total  overburden  stress 
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Sf  =  shape  factor  =  1.2-1.3  (Terzaghi,  1943; 

Skempton,  1951) 
Df  =  depth  factor  =  1.5-1.6  (Skempton,  1951;  Brinch 

Hansen,  1961;  1970) 

Mitchell  and  Durgunoglu  (1973)  modified  the  expression  for 
N  to  account  for  the  effect  of  varying  cone  angle,  26. 
Meyerhof  (1961)  presented  an  approximate  solution  to  point 
resistance  of  a  cone,  finding  its  bearing  capacity  slightly 
larger  than  that  of  wedge  solutions  obtained  by  Terzaghi 
(1943)  and  Meyerhof  (1951)  . 

The  cavity  expansion  approach  considers  expansion  from 
zero  radius  of  a  cylindrical  or   spherical  cavity  in  an 
infinite  medium.   For  an  incompressible  material  with  an 
idealized  elastic-perf ectly  plastic  stress  strain  behavior, 
the  approximate  solution  has  the  simple  form  (Bishop  et  al., 
1945) . 

1.  Cylindrical  cavity  (sharp  cones): 

qc  =  ao+cu(l+ln  G/cu)  (Eq.  4-3) 

2.  Spherical  cavity  (blunt  cones,  29=40-120°) 

qc  =  0o+1.33cu(l+ln  G/cu)       (Eq.  4-4) 

where  aQ  is  the  isotropic  initial  stress  in  the  soil  and 
G  the  shear  modulus  in  the  elastic  (linear)  range  prior  to 
yield.   Gibson  (1959),  Vesic  (1972;  1977)  and  Al-Awkati 
(1975)  modified  the  Bishop  et  al.  theory,  proposing  Nc 
values  between  9  and  13  for  rigidity  indices  G/c   from  100 
to  4  00. 

Combining  the  bearing  capacity  and  cavity  expansion 
approaches,  Baligh  (1975)  proposed   a  steady  penetration 
solution  to  account  for  the  continuous  nature  of  cone 
penetration.   He  based  his  interpretation  on  the  slip-line 
solution  for  steady  penetration  of  a  rigid  wedge  in  a  rigid 
perfectly  plastic  material  (Baligh,  1972;  Baligh  and  Scott, 
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197  6)  and  proposed  that  the  work  required  to  penetrate   a 
conventional  cone  (e.g.  FUGRO  type)  is  the  sum  of  1)  the 
work  required  to  expand  a  cylindrical  cavity  of  the  same 
diameter  as  the  cone  and  2)  the  work  needed  to  overcome 
the  point  resistance  if  there  is  a  void  above  the  cone  tip. 
According  to  this  theory,  q   becomes: 

%  =  Nc  cu  +  aho  (Ec*'  4"5) 

with      N   =  1.2(5. 71+3. 330+cot9)+(l+lnG/cu)    (Eq.  4-6) 

where  o,       =   in  situ  total  horizontal  stress 
G/cu=  rigidity  index  of  clay. 

Figure  28   illustrates  the  individual  and  combined  effects 
taken  into  account  by  his  theory.   As  shown  in  Figure  28 
(b) ,  for  the  standard  cone  tip  (i.e.,  60°  apex)  the  cone  fac- 
tor Nc  has  a  value  of  16±2  over  the  full  range  of  likely 
values  of  rigidity  index  values  for  clays  (for  G/cu  between 
7  and  400  or  E„/cu  between  21  and  1200  in  Figure  2-6) . 

In  summary,  existing  methods  of  interpretation,  rely- 
ing on  either  expansion  of  cavity  or  bearing  capacity 
theory,  employ  modifications  of  rigorous   solutions  to 
simplified  problems.   Most  of  them  assume  either  plane 
strain  deformation  or  expansion  of  a  cavity  and  neither 
approach  yields  meaningful  deformations  nor  strains. 
Baligh  (1975)  offers  a  more  rational  approach  based  on 
steady  penetration  of  a  wedge.   In  work  done  concurrently 
with  the  present  research,   Baligh  et  al.  (1977)  and 
Vivatrat  (1978)  extend  the  Baligh  (1975)  theory  on  the 
basis  of  theoretical  considerations  and  experimental  obser- 
vations.  For  the  case  histories  reviewed  in  Appendices  D  to 
F,  the  Baligh  (1975)  method  of  interpretation  was  used. 
Further  discussion  of  the  advantages  and  drawbacks  of  the 
method  will  follow. 
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4.3      METHODS    OF    INTERPRETATION 

4.3.1  Introduction 

This  section  describes  how  MIT  reduced  the  raw  field 
data  from  Dutch  cone  penetrometer  tests  and  then  discusses 
various  methods  of  interpretation  of  the  results. 

4.3.2  Reduction  of  Cone  Resistance  Test  Data 

Figures  29  to  31   illustrate  the  method  for  reducing 
Dutch  cone  resistance  test  data  used  in  the  case  histories 
presented  in  Appendices  D,  E  and  F.   The  procedure  involves 
four  steps  (Vivatrat,  1978) : 

1)  Digitizing   of  data  from  field  sheets  and  conver- 
sion of  electronic  signals  to  cone  resistance  (q  ) 
values.   Figure  29   shows  the  individual  data 
points  from  three  test  holes  in  Saugus  Boston 
Blue  clay  (Appendix  E) .   The  plot  is  made  from 
data  points  at  depth  intervals  of  3  cm  with  a 
computer-controlled  cathode  ray  tube  plotting 
device. 

2)  Computerized  "smoothing"  of  field  data  accomplished 
systematically  by  averaging  data  points  that  fall 
within  a  moving  "window".   However  in  order  to  inves- 
tigate clay  variability  and  eliminate  the  potential 
influence  of  a  few  extreme  values  in  the  data, 

(caused,  for  example,  by  sand  lenses)  Viva tr at 
(1978)  used  a  systematic  method  of  filtering   (or 
discarding)  the  unusually  high  or  "bad"  data  points. 
The  procedure  essentially  neglected  data  points 
that  fell  outside  of  a  band  of  M  ±  aS,  with  M  the 
median  of  the  data,  S  the  "representative"  standard 
deviation*  and   constant  a  set  equal  to  2.   Figure 
31  gives  "smoothed"  q  values.   Comparison  of  the 


*See  Vivatrat's  (1978)  Chapter  6  for  details. 
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CONE  RESISTANCE,  q     (  kg/  cm2  ) 


Q_ 
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1  ft=0.305  m 

1  kg/cm2=98.1  kPa 


FIGURE  29  CONE  RESISTANCE  FROM  THREE  60°  FUGRO 
ELECTRICAL  CONE  TESTS  AT  STA.  24  6  IN 
SAUGUS  (Vivatrat,  1978) . 
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CONE  RESISTANCE,  % r     (kg/cm2) 


FIGURE   30     "SMOOTHED"  CONE  RESISTANCE  FROM  THREE  60 
FUGRO  ELECTRICAL  CONE  TESTS  AT  STA.  24  6 
IN  SAUGUS  (Vivatrat,  1978) 
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CONE   RESISTANCE,     <%     (  k$/  cm*  ) 

0.         5.         1  0. 


FIGURE   31 


AVERAGE  CONE  RESISTANCE  FROM  THREE  60° 
FUGRO  ELECTRICAL  CONE  TESTS  AT  STA.  24  6 
IN  SAUGUS  (Vivatrat,  1978) 
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unfiltered  and  filtered  q   data  shows  that  the  pro- 
cess performs  a  reasonable  smoothing  of  anomalies 
and  gives  results  probably  similar  to  those  ob- 
tained on  the  basis  of  engineering  judgement 
(Vivatrat,  1978) .   The  advantages  of  the  systematic 
method  are  its  repeatability  and  its  ability  to 
assess  clay  variability  after  filtering. 

3)  Computation  of  the  average  plus  and  minus  two  stan- 
dard deviations  for  filtered  qc  data 

over  2  ft  (0.6  m)  intervals,  as  illustrated  in 
Figure  31* 

4)  Computation  of  undrained  shear  strength  of  deposit 
through  use  of  an  N   factor  as  described  in  the 
following  section. 

The  Saugus  results  illustrate  a  case  where  smoothing  of  the 
field  data  greatly  simplifies  interpretation.   However , 
data  in  the  varved  clay  at  Amherst  hardly  showed  any 
scatter  in  the  individual  data  points,  except  at  depths 
below  65  ft  (20  m) .   Figures  32   to  3^  present  the  first 
three  steps  of  the  test  data  reduction  procedure  for  the 
Amherst  case.   The  results  from  the  two  test  holes  agreed 
amazingly  well  and  interpreation  of  the  data  could  easily 
bypass  the  second  and  third  steps  of  the  above  procedure. 

4.3.3   Computation  of  Undrained  Shear  Strength  From 
Cone  Resistance 

As  discussed  in  Section  4.2,  Baligh  (1975)  combined 
bearing  capacity  and  cavity  expansion  theories  in  approxi- 
mate form  to  obtain  the  results  shown  ir;  Figure  28,,   The 
MIT  case  Iiistori.es  used  the  following  equatiior  to  .lo.itpute 
the  undrained  shear  strength,  c  ,  from  FUGRO  electrical 
cone  resistance  data 

qc"°ho 

Si  =  — S (Eq.  4-7) 

c 
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CONE    RESISTANCE,     tf     (  k  0/  Cm  *  ) 

0.         5,         1  0.         15, 
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FIGURE   32    CONE  RESISTANCE  FROM  TWO  60°  FUGRO 
ELECTRICAL  CONE  TESTS  AT  AMHERST 
(Vivatrat,  1978) 
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CONE    RESISTANCE,     %      (  k  0  /  cm*) 
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FIGURE  33     "SMOOTHED"  CONE  RESISTANCE  FROM  TWO  6  0° 
FUGRO  ELECTRICAL  CONE  TESTS  AT  AMHERST 
(Vivatrat,  1978) 
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CONE  RESISTANCE,  q     (  kg/  Cm2) 
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FIGURE   33    AVERAGE  CONE  RESISTANCE  FROM  TWO  60° 

FUGRO  ELECTRICAL  CONE  TESTS  AT  AMHERST 
(Vivatrat,  1978) 


85 


where   q   =  cone  resistance 

o, =  in  situ  total  horizontal  stress 

ho 

N   =  cone  factor  =16 

The  above  method  of  interpretation,  though  based  on 
the  best  currently  available  theory,  is  known  to  involve 
theoretical  simplifications  and  to  ignore  several  poten- 
tially important  aspects  of  soil  behavior  such  as  soil 
anisotropy,  strain-softening  and  strain  rate  effects.   It 
also  requires  estimation  of  the  coefficient  of  earth  pressure 
at  rest,  K  ,  generally  difficult  to  evaluate.   A  simpler, 
approach  for  design  practice  consists  of  using  the  in  situ 

total  vertical  stress  a„^  rather  than  a,  .   Hence  c„  is 

vo  ho  u 

then  estimated  from  the  expression: 

3cravo 
cu  =  -_  (Eq.  4-8) 

The  problem  then  involves  determining  appropriate  values 
of  N  ,  which  in  turn  requires  development  of  empirical 
correlations  based  on  "best  estimates"  of  the  in  situ  c  , 
i.e. 

q  -a 
Nc  "  c^ (reference)  (Ec^  4~9) 

where  c  (reference)  is  the  reference  in  situ  strength. 
This  approach  assumes,  of  course,  that  c  (reference)  can  be 
determined  with  a  reasonable  degree  of  accuracy.   As  dem- 
onstrated by  the  case  studies  in  the  Appendices,  this  re- 
presents a  difficult  task,  for  it  often  relies  on  labora- 
tory testing  and/or  other  in  situ  tests  that  may  also  be 
subject  to  considerable  uncertainty.   Furthermore,  as  dis- 
cussed in  Section  2.3,  the  appropriate  value  of  in  situ 
c  varies  with  the  type  of  problem  analysed.   As  done  in 
Chapter  3,  the  reference  strength  selected  is  that  thought 
to  apply  to  plane  strain  analyses  of  embankment  loadings. 
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4.3.4   Use  of  Sleeve  Friction  for  Identifying  Soil 
TYPe 

Various  correlations  have  been  proposed  between  normal- 
ized sleeve  friction  (f  /q  )  and  soil  type.   The  two  most 
widely  quoted  correlations  are  given  below: 

1.  Begemann  (1965) 

Soil  Type  f=/qc(%) 

Coarse  to  fine  sand  1-1.5 

Silty  sand  1.5-2.5 

Clayey  sand  2.5-3.5 

Loam  3 . 5-4 

Clay  4-6 

2.  Sanglerat  (1972) 

Soil  Type  fc/qc(%) 

Sands  1-2 

Clays,  silts,  sands  1-4 

Clays  4-8 

Clays  and  peat  (q  <10)  3-10 

It  should  be  noted,  however,  that  these  correlations 
were  obtained  from  mechanical  cone  penetrometer  test  data 
and  may  not  necessarily  apply  to  results  from  electrical 
cones.   For  example,  MIT's  experience  summarized  in  Section 
4.5.2  often  showed  values  of  f  /q   in  clay  deposits  much 
lower  than  predicted  by  the  above  correlations.   They  must 
therefore  be  used  with  caution  unless  verified  by  local 
experience. 

4c 4   EFFECT  OF  PROCEDURES  ON  TEST  RESULTS 

Schmertmann  (1975)  summarized  the  effects  of  impor- 
tant variables  on  ^he  value  of  N  .   Most  of  these  are  re- 
ported in  Table   5   along  with  some  observations  from  the 
MIT  cone  testing  programs  over  the  past  two  years. 
Vivatrat  (1978)  presents  a  thorough  theoretical  and 
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experimental  treatment  of  the  effects  of  cone  geometry 
(varying  tip  angle  for  both  regular  and  enlarged  tips) 
and  gives      results  of  the  MIT  cone  tests  run  at  differ- 
ent penetration  rates.   Table  5   contains  some  information 
comparing  mechnical  and  electrical  cone  devices.   Although 
the  electric  cone  has  many  advantages  (as  discussed  in 
Section  4.6),  they  are  generally  more  expensive  (both  re- 
garding the  cone  per  se  and  the  required  support  facilities) 
and  more  easily  damaged.   Thus  because  of  their  relative 
ruggedness  and  simplicity,  the  mechanical  tips  will  remain 
in  use  in  the  forseeable  future,  except  in  very  weak  clays 
and  for  offshore  work  (Schmertmann,  1975) . 

Schmertmann  suggests  that  N  can  increase  by  up  to  20% 
at  faster  rates  of  cone  penetration  because  of  "viscous" 
effects.   Accurate  measurements  of  the  effect  of  penetra- 
tion rate  on  N  are  difficult  to  obtain  because  of  limita- 
tions in  equipment  to  control  the  penetration  rate  and  the 
inherent  variability  of  clays.   Moreover,  the  effect  to  be 
measured  is  of  very  small  magnitude.   Vivatrat  (1978)  shows 
that  the  increase  in  cone  resistance  due  to  strain  rate 
effects  in  two  clay  deposits  is  roughly  on  the  same  order 
of  magnitude  as  that  measured  in  laboratory  tests.   However 
it  should  be  pointed  out  that  the  rate  of  shearing  in  the 
soil  near  the  cone  imposed  by  the  standard  penetration  rate 
of  1  to  2  cm/sec  is  several  orders  of  magnitude  higher 
than  conventional  rates  of  straining  (0.5  to  5%/hr)  used 
in  laboratory  tests.   As  mentioned  in  Chapter  2,  strain 
rate  effects  can  be  very  important,  especially  for  highly 
plastic  clays. 

Figure   28  presented  the  theoretical  effect  of  cone 

angle  on  N  values  based  on  the  Baligh  (1975)  theory. 

When  the  cone  becomes  sharper  then  60°  (20  decreasing) , 

N_  increases  and  hence  q_  should  also  increase.   Baligh  et 
c  c 

al.,  (1977)  and  Vivatrat  (1978)  present  extensive  data  at 
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three  sites  used  for  the  MIT  case  studies  showing  variations  in 
q  with  angle  (26=60° ,  30°  and  18°)  generally  in  excellent 
agreement  with  the  theoretical  predictions. 

Baligh  et  al.  (1977)  and  Vivatrat  (1378)  also  investi- 
gated the  influence  of  tip  enlargement  at  two  sites.   En- 
largement should,  in  theory,  reduce  q  *   This  behavior 
was  observed  when  a       was  large  compared  to  c   such  as 
exists  in  soft  normally  consolidated  clays.   But  in  stiff er 
clays,  especially  at  shallow  depths,  enlargement  of  the 
tip  had  little  effect  on  q  ,  probably  because  the  hole 
behind  the  cone  had  little  tendency  to  close. 

The  Baligh  (1975)  theory  (Figure  28  )  predicts  that 
an  increase  in  total  horizontal  stress,  a^0  causes  a  like 
increase  in  q  .   Thus,  as  noted  in  Table   5,   N   should 
increase  with  increasing  K  and  OCR  though  the  effect 
should  be  small.   Also,  based  on  the  above  mentioned  ef- 
fects of  tip  enlargement  and  from  comparison  of  standard 
FUGRO  cone  data  in  "stiff"  and  "soft"  Boston  Blue  clay, 
the  actual  trend  can  be  in  the  opposite  direction.   This 
results  from  the  fact  that  more  heavily  overconsolidated 
clays  may  have  less  tendency  to  squeeze  in  behind  the  cone 
tip. 

Finally,  of  particular  importance  in  cone  penetrometer 
tests  is  the  degree  of  accuracy  required  for  measurements 
of  q   and  f  .   The  problem  is  not  so  critical  for  q   in 
sands  and  silts  as  interchangeable  load  cells  or  varying 
capacities  are  available,  but  very  soft  clays  such  at  that 
encountered  at  the  Louisiana  levees  require  very  sensitive 
instruments  since  the  measured  q  values  at  shallow  depths 
were  less  than  5  kg/cm  ,  or  1  to  5%  of  the  5  and  1  ton 
capacity  transducers  presently  available.*   In  terms  of 


*Moreover,  with  the  FUGRO  electrical  cone,  it  is  believed 

that  measured  q  values  can  be  as  much  as  15%  too  low 

c 
because  of  water  pressure  acting  behind  the  cone  tip. 
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sleeve  friction,  low  fs  values  imply  measurements  as  low  as 

2 
0.05  to  0.5  kg/cm  ,  again  at  the  lower  limit  of  the  pres- 
sure range  of  the  transducer.   (Note  that  the  weight  of 
rods  and  frictional  effects  are  very  important  with  mechan- 
ical cone  testing  in  soft  clays) . 


4.5   EVALUATION  OF  CONE  DATA  AND  EMPIRICAL  CORRELATIONS 

4.5.1   Cone  Resistance  Versus  Undrained  Shear  Strength 

4.5.1.1   Theoretical_Predictions 

To  evaluate  cone  penetration  data,  this  section  first 
discusses  results  of  the  five  MIT  case  histories  (in 
Appendices  D  through  F)  and  then  introduces  the  findings 
of  others.   Table  6   summarizes  MIT  results  from  FUGRO 
electrical  cone  penetration  tests,  for  clays  with  varying 
degrees  of  overconsolidation. 

Figure   35  compares  the  undrained  shear  strength  pre- 
dicted by  the  Baligh  (1975)  theory  with  a  cone  factor  of 
16  to  the  reference  strength  at  Amherst,  Sta.  246  in 
Saugus  and  Test  Sections  II  and  III  of  the  Louisiana  levee 
site.   The  reference  strengths  used  at  each  location  were 
obtained  as  follows: 

Site  c  (reference) 


Amherst  0.85  x  FV 

Saugus  SHANSEP 

Louisiana  Levee  SHANSEP 

The  reference  strength  of  cu=0.85  cu(FV)  for  Amherst 
varved  clay  was  selected  based  on  extensive  laboratory 
SHANSEP  type  data  and  embankment  case  histories  involving 
Connecticut  Valley  varved  clays  and  similar  deposits. 
Extensive  SHANSEP  strength  data  also  exist  for  Saugus 
Boston  Blue  clay  and  Louisiana  plastic  deltaic  clay.   The 
Boston  Blue  clay  SHANSEP  values  have  been  verified  via 
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FIGURE      35 


COMPARISON  OF  FUGRO  CONE  AND  REFERENCE 
STRENGTHS  AT  THREE  SITES 
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model  footing  tests  (Kinner  and  Ladd,  1973)  and  are  sup- 
ported by  results  of  three-dimensional  analyses  of  the 
planned  embankment  failure  carried  out  at  Sta.  263  (Azzouz, 
1977) .   Field  performance  data  from  embankment  test  sec- 
tions (Foott  and  Ladd,  1977)  also  show  that  SHANSEP  direct 
simple  shear  (DSS)  tests  give  reasonable  estimates  of 
stability  of  the  Louisiana  clay.   In  particular,  in  all 
three  cases  the  reference  strength  represents  the  strength 
thought  applicable  to  circular  arc  stability  analyses 
wherein  c   is  the  shear  on  the  failure  plane  (i.e.  iff  = 
q-r  cos  c{) ' )  corrected  for  strain  compatibility. 

The  data  in  Figure  35  indicate  the  following: 

1)  For  the  medium  Connecticut  Valley  varved  clay  in 
Amherst,  the  Baligh  (1975)  theory  predicted  strengths 
generally  15  to  20%  too  low,  except  in  the  upper 
crust  and  in  the  deep  less  plastic  soil  below  El. 

85. 

2)  In  the  Saugus  Boston  Blue  clay,  the  predicted  c 
values  were  much  too  low  in  the  upper  "stiff"  clay 

(by  about  50%)  and  also  30±10%  too  low  in  the 
underlying  "soft"  layer.   Moreover,  prediction  of 
the  variation  in  c  with  depth  is  somewhat  mis- 
leading above  El. -7  0  where  the  material  has  over- 
consolidation  ratios  greater  than  1.5.   The  mis- 
leading c   pattern  is  believed  to  result  from  the 
fact  that  the  stiff  clay  does  not  squeeze  back  on 
the  shaft  behind  the  cone.   This  belief  is  sub- 
stantiated by  results  obtained  with  enlarged  cone 
tips  in  Boston  Blue  clay  (Vivatrat,  1978)  and  leads 
to  low  c  values  in  the  heavily  overconsolidated 
clay  if  Eq.  4-7  is  used  for  the  entire  soil  profile. 

3)  For  the  medium  to  soft  highly  plastic  Atchafalaya 
clay  in  Louisiana,  the  theory  predicted  the  refer- 
ence strength  very  well,  except  in  the  upper  highly 
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organic  soil  layer  where  one  would  not  expect  good 
agreement. 
4)  The  cone  penetrometer  results  did  not  exhibit  un- 
reasonable scatter  after  "smoothing"  and  filtering 
of  the  field  data  using  the  procedure  described 
in  Section  4,3.2. 

In  summary,  interpretation  of  cone  tests  with  the 
Baligh  (1975)  theory  using  a^0  and  N^-16  tends  to  under- 
estimate the  in  situ  undrained  shear  strength  appropriate 
for  circular  arc  stability  analyses  (i,e.  errs  on  the  safe 
side)  .  The  error  in  cu  is  generally  within  30dtl0%  except 
in  the  upper  "stiff"  Boston  Blue  clay  where  the  strength 
is  underpredicted  by  about  50%. 

The  above  results  indicate  that  the  theoretical  cone 
factor  probably  varies  with  soil  type,  overburden  stress 
and  stress  history  and  that  the  Baligh  (1975)  theory  ap- 
pears least  satisfactory  with  stiff  overconsolidated  clay. 
This  lead  Baligh  et  al.  (1977)  to  conclude  that  Eq.  4-7 
represents  an  upper  bound  on  cone  resistance  and  applies 
to  cone  data  in  normally  consolidated  clay  deposits.   For 
heavily  overconsolidated  clays,  where  the  strength  of  the 
clay  prevents  the  soil  from  squeezing  back  on  the  shaft 
behind  the  tips,  the  cone  resistance  is  close  to  that  of 
enlarged  cones  and  hence  to  the  lower  bound  on  cone 
resistance  given  by  q   =  11  cu  (for  60°  cones) . 

Moreover,  the  Baligh  approach  (as  with  other  theoreti- 
cal interpretations)  suffers  from  inevitable  theoretical 
limitations  caused  by  the  complex  soil  behavior  as  dis- 
cussed below: 

1)  Strength  anisotropy  and  strain  compatibility: 

These  effects  are  probably  most  important  in  lean 
sensitive  clays  such  as  Boston  Blue  clay,  and  in 
layered  material,  such  as  Connecticut  Valley  varved 
clay.   Vivatrat  (1978)  determined  the  effect  of 
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anisotropy  to  cause  an  error  of  ±15%  in  the 
estimated  "average"  strength. 
2)  Strength  dependence  on  strain  rate:   The  very  high 
strain  rate  which  takes  place  dating  cone  penetra- 
tion is  probably  most  important  in  highly  plastic 
clays,  such  as  the  Louisiana  levee  deposit. 

These  difficulties  illustrate  the  need  for  local  empirical 
correlations  backf igured  from  design  strengths,  although  the 
Baligh  (1975)  theory  is  still  very  useful  in  predicting  ef- 
fects of  cone  geometry.   Its  drawbacks  and  the  field  evidence 
show  that  a  rational  interpretation  of  the  cone  test  is 
by  no  means  a  solved  problem. 

4.5.1.2   Empirical_Correlations 

Because  of  the  increased  simplicity  and  reliability 
in  estimating  avo  rather  than  a^  and  in  order  to  compare 
MIT  results  to  other  data,  cone  factors  were  evaluated  from 
the  cone  resistance  via  the  relationship 

Nc  "  cu (reference)  (Ec*-  4~9> 

It  is  worth  noting  that  the  effects  of  subtracting  avo 
rather  than  eno  as  predicted  according  to  the  Baligh  (1975) 
theory  reduces  the  equivalent  N   factor.    For  purposes 
of  illustration,  the  following  conditions  are  assumed:   a 
normally  consolidation  clay  with  the  water  table  at  ground 
surface,  KQ=0.5,  a  buoyant  weight  Yk~Yw  an(*  c  =0.25  o^Q» 
Thus  cu=0.125  avo  and  aho=0.75  a   and  one  obtains: 

c        Cu      0.125avo    avo 

<3c-°yo        qc-qvo        m    *_%_       .  (Eq.    4-11) 


M      (V)      =     =  . 

cx  cu  0.125avo 

and  Nc(v)    =  Nc(h)    -    2. 
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avo 


Hence  use  of  Eq.  4-11  rather  than  Eq.  4-10  reduces  the 
theoretical  value  of  N   from  16±2  to  about  14±2  for  nor- 
mally consolidated  clays  and  the  effect  should  be  even 
less  with  overconsolidated  clays  having   KQ  near  unity. 

Figure   36   and  Table  6   summarize  the  N  values 
backcalculated  using  Eq.  4-9  for  each  case  history: 

1)  At  Amherst,  N   values  averaged  12.5  and  exhibited 
very  little  scatter,  except  in  the  upper  crust  and 
in  the  deep  less  plastic  soil  below  El.  85.   The 
low  N  values  at  approximately  El.  100  probably 
represent  a  local  softer  zone  which  appeared  in 
the  field  vane  strength  profile  at  a  slightly 
greater  depth.   The  general  consistency  (reduced 
scatter)  of  the  data  within  the  medium  varved  clay 
(c  -700  psf  [33.5  kPa] )  is  very  satisfactory. 


2)  In  the  Saugus  Boston  Blue  clay,  Nc  factors  showed 
more  scatter.   At  Sta.  24  6,  Nc  over  the  entire 
depth  was  close  to  9.5  ±  1.5,  but  at  Sta.  263,  N 
averaged  14  in  the  upper  "stiff"  layer  and  only  7 
in  the  lower  "soft"  material.   The  variation  in 

N  values  at  Sta.  263  with  stress  history  (i.e. 
OCR)  is  considered  unusual  and  can  not  be  explained. 
These  tests  were  performed  after  the  embankment 
failure,  but  in  clay  thought  to  lie  below  the 
"failure  surface".   However,  the  massive  failure 
produced  considerable  ground  heave  (which  increased 
a   )  and  may  also  have  altered  the  strength  in  the 
underlying  clay.   In  addition,  the  initial  stress 
history  at  this  location  is  less  well  defined  than 
at  Sta.  246.   In  any  case,  the  results  at  Sta.  246 
are  considered  much  more  reliable. 

3)  The  cone  tests  at  the  two  Test  Sections  in  Louisiana 
gave  rather  consistent  values  of  N_  and,  as  pre- 
viously  noted,  they  agree  quite  well  with  the 
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Baligh  (1975)  theory.    The  results  at  Bayou  Sorrel, 
which  involved  more  variable  soil  conditions, 
yielded  much  more  scatter  but  with  average  values 
in  reasonable  agreement  with  those  obtained  at  the 
Test  Sections.   The  overconsolidation  ratio  of  the 
clay  appeared  to  affect  N  at  both  test  locations, 
the  average  Nc  increasing  from  about  14±3  in  nor- 
mally consolidated  clay  to  about  17±2  in  overcon- 
solidated  material.   This  effect  of  stress  history 
is  opposite  from  that  noted  in  Boston  Blue  clay, 
but  the  Atchafalaya  clay  is  much  softer  (cu=500± 
300  psf  [24±14  kPa] )  and  less  precompressed.   The 
variation  in  stress  history  (and  hence  in  c   with 
depth)  is  also  less  well  defined  than  at  the  Saugus 
site. 

Several  other  researchers  have  investigated  the  value 
of  Nc  using  Eq.  4-9.   The  following  paragraphs  discuss 
these  results  and  other  findings. 

Amar  et  al.  (1975)  found  N  values  between  5  and  75 
(mean=30) ,  but  they  used  rather  inconsistent  and  often  un- 
reliable reference  strengths  from  UUC  triaxial  tests 
(affected  by  disturbance)  or  uncorrected  field  vane  tests. 
Schmertmann  (1975)  reported  common  use  of  N  =10  with 
cylindrical  electrical  cones  and  Nc=16  with  the  Begemann 
mechanical  cone  for  "young",  non-fissured,  not  highly 
sensitive  clays  (OCR<2  and  PI>10%) .   As  a  lower  limit  for 
cu,  he  suggested  using  the  adhesion  on  the  local  friction 
sleeve,  f_.   He  also  wisely  recommended  making  individual 
N  correlations  for  specific  clays  and  specific  test  proce- 
dures. 

Using  a  FUGRO  electrical  cone,  Lunne  et  al.  (1976)  ob- 
tained values  of  Nc  equal  to  17±2  for  five  "normally  con- 
solidated" marine  clays,  using  the  corrected  field  vane 
(Bjerrum,  1972)  as  the  reference  strength,  and  a  N  values 

99 


of  13  for  a  plastic  varved  clay.   The  Lunne  et  al.  results 
generally  remain  within  a  fairly  narrow  band  (between  14 
and  17.5)  and  appear  independent  of  PI.   However,  Billam 
(1977)  in  discussing  the  above  paper  concluded  that  N 
for  Scandinavian  clays  actually  ranged  between  9  and  24 
if  one  considers  the  range  of  Nc  values  obtained  rather 
than  the  averages  stated.   Jamiolkowski  (1978)  obtained  the 
following  N  values  in  Porto  Tolle,  Italy  clay  (PI=25-40%) : 


9c""tfho  qc~a 


Stress  History     N  =  N  = 


vo 


cu  c    cu 


NC  14-16  12-14 

OC  10-12  9-10.5 

using  the  average  of  vertical  and  horizontal  strengths  from 
KQ  consolidated-undrained  triaxial  tests  (coincidentally 
equal  to  the  corrected  field  vane)  as  the  reference 
strength. 

Figure  37   plots  the  Lunne  et  al.  (1976)  and 
Jamiolkowski  (1978)  data  versus  PI.   The  latter 's  results 
agree  very  well  with  the  Baligh  theory  for  the  NC  soil, 
while  his  OC  data  indicate  N^  values  20  to  30%  lower  than 
the  theoretical  N  . 

Figure   37  also  plots  the  backfigured  Nc  values 
versus  average  PI  from  the  MIT  cases  (the  variations  in  PI 
are  listed  in  Table  4-3) .   For  Saugus  (Sta.  246) ,  results 
in  the  upper  "stiff"  layer  (OCR>1.6)  and  the  underlying 
"soft"  clay  (1.2<0CR<1. 6)  are  shown.   For  the  Atchafalaya 
clay,  because  of  the  uncertainty  in  the  stress  history  and 
the  low  degree  of  precompression,  the  NC  and  OC  data  have 
been  averaged,  yielding  Nc=15±2  at  Test  Sections  II  and  III 
and  N  =17±5  at  Bayou  Sorrel. 

The  data  presented  in  Figure  37    show  Nc  values  equal 
to  14±5  resulting  from  electrical  cone  data  interpreted  in 
terms  of  total  vertical  stress,  oVQ.   The  cone  factor  no  doubt 
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varies  with  soil  type,  overburden  stress  and  stress  history. 
With  "stiff"  clay  deposits,  Nc  may  often  be  at  the  lower 
end  of  the  9  to  19  range.   Moreover,  N  within  a  given 
deposit  may  vary  over  a  significant  range  due  to  changes 
in  sensitivity  and  stress  history  with  depth  and/or  due 
to  heterogeneities  (e.g.  presence  of  sand  lenses,  shells, 
organic  layers,  etc.). 

In  summary,  the  data  presented  indicate  N  =14±5  for 
use  in  the  equation: 

qc"avo 
cu  =  ~n (Eq*  4"8) 

Although  this  correlation  is  based  on  a  fairly  wide  varia- 
tion in  soil  types   (e.g.  lean  sensitive  marine  clays, 
varved  deposits,  plastic  deltaic  clays,  etc),  it  is  still 
restricted  to  a  limited  number  of  medium  to  soft,  sedimen- 
tary CL  and  CH  clays.   Quite  different  results  might  be 
obtained  with  other  soil  types,  especially  if  they  are 
partially  saturated  or  contain  a  high  fraction  of  sand  or 
shells.   But  for  electrical  cone  tests  performed  in  cohesive 
deposits  similar  to  those  used  to  develop  Figure  37    use 
of  N  =14  represents  an  uncertainty  in  the  predicted  c  of 
about  ±3  5%,  which  is  only  slightly  less  reliable  than  what 
might  be  expected  from  corrected  field  vane  test  data. 
Nevertheless,  the  need  for  further  research  is  clearly 
evident,  both  regarding  theoretical  developments  and  addi- 
tional empirical  correlations. 

4.5.2   Sleeve  Friction 

In  three  of  the  five  MIT  case  studies  presented,  mea- 
surement of  the  sleeve  friction  proved  either  impossible 
or  unreliable,  as  the  measured  f   values  were  either  negative, 
or  if  positive,  smaller  than  the  electrical  transducer 
zero  shift  during  penetration.   Only  at  the  two  Louisiana 
levee  sites  in  the  Atchafalaya  highly  plastic  clay  did  the 
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average  f  /q   ratio  fall  within  the  quoted  range  for  clays 
(Sanglerat,  197  2) . 

Several  factors  are  thought  to  have  impaired  the  mea- 
surements of  sleeve  friction: 

1)  Electronic  zero  shift. 

2)  Small  value  of  measured  f   compared  to  the  sensi- 
tivity of  the  load  cell. 

3)  Scatter  in  the  individual  f_/q_  readings.   Although 
the  fe/qc  ratio   averaged  5%  in  Atchafalaya  clay, 
the  measurements  had  a  standard  deviation  of  ±2% 
and  individual  test  results  ranged  from  0  to  10%. 

4)  Possible  mechanical  or  electrical  interaction  be- 
tween the  cone  resistance  and  sleeve  friction  mea- 
surement systems  (see  Section  F.3.3.2).   Also,  as 
previously  noted,  existing  fc/q„  correlations  with 
soil  type  is  based  on  data  from  mechanical  cones. 
MIT's  experience,  though  limited,  suggests  that 
the  same  correlation  may  not  apply  to  electrical 
cones. 

Vivatrat  (1978)  suggested  using  the  ratio  u/qc  as  a  more 
reliable  soil  type  index  than  fs/qc#  (u  being  the  pore 
pressure  generated  during  continuous  penetration  of  a  piez- 
ometer probe  —  see  Chapter  5).   In  medium  to  soft  clays, 
the  ratio  u/q   is  very  high  (typically  0.8±0.2)  and  in 
sands,  the  ratio  decreases  to  values  nearer  zero.   It  may 
sometimes  be  more  appropriate,  however,  to  use  the  ratio 
Au/q  ,  where  Au  is  the  excess  pore  pressure  generated, 
in  order  to  eliminate  the  effect  of  the  in  situ  hydrostatic 
pore  pressure,  u  ,  on  the  index  ratio.   Although  based  on 
limited  experience,  MIT's  data  do  suggest  that  the  ratio 
u/q  varies  over  a  wider  range  of  values  than  fc/q_  and 
should  therefore  provide  a  better  indication  of  soil  type, 
at  least  regarding  sands  versus  CL-CH  clays. 
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Use  of  the  u/q   (or  Au/q  )  ratio  would  be  greatly 
facilitated  via  simultaneous  measurements  of  cone  resis- 
tance and  pore  pressure  in  the  same  instrument.   Combined 
cone-piezometer  probe  devices  are  currently  being  designed 
and,  if  successful,  would  yield  more  reliable  u-q  data 
with  less  time  and  expense. 

4.6   RECOMMENDED  PRACTICE 

Before  presenting  specific  guidelines  for  practice, 
it  is  worthwhile  to  review  the  pros  and  cons  of  mechanical 
versus  electrical  cone  penetrometers.   The  latter  type  has 
numerous  advantages,  including:   more  accurate  separation 
of  q   and  f   components  of  resistance;*  continuous  logging 
of  q_  and  fc  over   each  rod  length  increment;  greater  over- 
all  sounding  speed  with  automated  readout  and  plotting  of 
data;  more  accurate  measurement  of  q   (especially  at  large 
depths  in  soft  soils  where  the  weight  of  the  rods  and 
friction  effects  are  important  with  the  mechanical  cones) ; 
and  the  potential  for  combination  with  pore  pressure  mea- 
surements.  On  the  other  hand,  electrical  cones  are  more 
costly  and  require  extensive  support  facilities  that  may  be 
difficult  to  operate  under  adverse  field  conditions.   They 
also  require  almost  continaus  calibration  and  the  electrical 
equipment  needs  frequent  and  often  expensive  maintenance, 
which  in  turn  necessitates  more  highly  trained  field  per- 
sonnel.  Thus  mechanical  tips  have  the  advantage  of  simpli- 
city of  operation,  ruggedness,  low  initial  cost  and  minimum 
mantenance  and  hence  will  continue  in  certain  cases  to  have 
a  useful  role  in  routine  practice. 

Based  on  both  MIT's  experience  as  described  in  the 
case  studies  and  information  presented  in  the  literature, 
the  writers  present  the  following  recommendations  regarding 


*Though  the  absolute  accuracy  of  f  may  be  questionable  in 
soft  sensitive  clays  as  discussed  in  Section  4.5.2. 
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the  use  of  electrical  cones  in  design  practice  with  medium 
to  soft  saturated  clays. 

4.6.1   Test  Equipment  and  Procedures 

2 
Use    a  standard  60°,  10  cm  electrical  tip,  a 

sleeve  having  same  base  area,  a  penetration  rate  of  1  to  2 
cm/sec,  and  make  continuous  measurements  of  both  cone  re- 
sistance and  sleeve  friction  (Note:   The  empirical  cor- 
relations presented  below  apply  only  to  electrical  cones 
similar  to  the  FUGRO  type) .   It  may  be  wise  to  perform 
two  or  three  holes  next  to  each  other  to  establish  repeat- 
ability and  provide  a  comparison  for  other  q  profiles. 

Penetration  equipment  generally  has  to  be  automated 
in  order  to  achieve  a  reasonable  uniform  rate  of  penetra- 
tion. The  time  required  to  add  new  rods  should  be  kept  as 
short  as  possible,  mainly  for  economical  reasons  since  q 
usually  increases  rapidly  to  its  former  value  after  pene- 
tration is  resumed. 

Selection  of  the  load  cell  capacity  depends  on  the 
consistency  of  the  clay  tested.   The  user  should,  however, 
be  warned  that  penetration  with  a  1-ton  capacity  tip  in  a 
soft  clay  deposit  can  result  in  an  overload  of  the  electri- 
cal device  when  for  example  a  sand  layer  is  encountered. 
This  may  cause  a  zero  shift  and/or  a  slope  change  in  the 
load  cell  calibration  curve,  thus  requiring  removal  and 
recalibration  of  the  system  each  time  the  load  cell  capa- 
city is  exceeded  (which  can  become  very  costly) .   Most 
of  the  MIT  tests  were  run  with  5-  or  10-ton  capacity  cones 
to  minimize  such  occurrences. 

The  type  and  characteristics  of  the  support  equipment 
are  also  important. 

a)  Power  source:   a  constant  voltage  supply  for  the 
load  cell  is  essential  as  calibration  curves  of 
load  cells  and  transducers  vary  with  voltage  (MIT 
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prefers  using  a  portable  generator  rather  than 
batteries) . 

b)  Recording  of  data:   use  of  strip  chart  and/or 
digital  (magnetic  or  paper  punch  tape  )  recorders 
is  recommended  for  continuous  acquistion  of  q  and 
f   readings.   Important  factors  include  the  sensi- 
tivity of  the  voltmeter  unit,  rapid  chart  or 
digital  response  (to  detect  sharp  peaks  in  qc) 

and  zero  stability.  It  is  often  wise  to  connect 
a  sensitive  digital  voltmeter  unit  across  the 
recorder  to  occasionally  check  the  chart  or  tape 
output.  Proper  grounding  of  electrical  units  is 
important  as  electrical  "noise"  can  cause  insta- 
bility in  the  readings. 

c)  Calibration  of  the  electrical  sensors  (load  cell, 
transducers)  should  be  made  using  the  same  output 
voltage  and  electrical  connectors  as  used  in  the 
field  (the  resistance  of  electrical  cables  influ- 
ences calibration  curves) .   Furthermore,  some  elec- 
trical sensors  are  temperature  sensitive. 

4.6.2   Reduction  and  Portrayal  of  Test  Data 

The  raw  field  data  come  in  one  of  two  forms:   (1) 
sheets  with  continuous  q   and  f   profiles;  (2)  digitized 
data  points  at  uniform  depth  intervals  (frequency  limited 
by  speed  of  digital  recording  device*) .   In  the  first  case, 
the  q   profiles  are  rarely  suitable  for  engineering  eval- 
uation  and  hence  these  plots  must  be  reduced  to  a  workable 
format  by  utilizing,  for  example,  the  procedure  described 
in  Section  4.3.2  where  the  data  are  first  digitized  by  com- 
puter, then  "smoothed"  via  statistical  filtering  by  com- 
puter and  averaged  over  selected  depth  intervals  (Figure 
29  to  3^  )*        This  method,  although  rather  involved,  is 


*Low  values  of  q  due  to  penetration  interruption  during 
rod  replacement  should  be  eliminated. 
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recommended  for  handling  large  quantities  of  data.   Selec- 
tion of  the  digitizing  and  averaging  depth  intervals  de- 
pends on  the  purpose  of  the  data  analysis.   When  investiga- 
ting soil  variability  and  the  presence  of  sand  lenses  or 
stiff  clay  layers,  the  digitized  test  data  before  smoothing 
should  first  be  examined  (Figures  29  and  32  ) .   Also,  when 
the  data  show  relatively  little  scatter,  reliable  average 
qc  values  can  often  be  selected  visually,  perhaps  with  some 
engineering  judgement  (e.g.  Figure  32  ) .   If  the  data  are 
already  digitized  (usually  stored  on  magnetic  or  paper  tape) , 
the  same  computerized  plotting,  filtering  and  averaging 
procedures  can  be  used  as  needed. 

In  summary,  the  recommended  data  reduction  includes 
the  following  steps: 

1)  Digitizing  of  field  data  at  small  depth  intervals 
and  subsequent  plot  of  q  profiles. 

2)  Elimination  of  erroneous  data  (human  or  equipment 
error) . 

3)  Comparison  of  results  from  test  holes  with  similar 
conditions. 

4)  Identification  of  sand  lenses  and  other  heterogene- 
ities. 

5)  Elimination  of  unreasonable  q  values  regarding  com- 
putation of  undrained  shear  strength  of  cohesive 
layer. 

6)  Evaluation  of  average  cone  resistance  profiles. 
This  can  be  done  visually  for  small  jobs,  thus 
avoiding  the  computerized  procedure. 

4.6.3   Identification  of  Soil  Type  and  Variability 

Mechanical  cone  test  data  were  used  to  develop  the 
presently  available  correlatins  between  f  /q   and  soil  type 
(e.g.  Sanglerat,  1972) ,   These  relationships  do  not  appear 
very  reliable  when  applied  to  electrical  cone  results  in 
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medium  to  soft  clays.   Thus  the  writers  do  not  recommend 
their  use  unless  verified  by  local  experience.   However, 
large  sharp  increases  in  q  within  a  basically  cohesive 
deposit  might  suggest  the  presence  of  sand  layers  (Note 
that  the  piezometer  probe  is  a  much  better  device  to 
identify  soil  variability  and  sand  lenses) .   The  writers 
also  believe  that  the  u/q   (or  Au/q  )  ratio  probably  has 
more  potential  value  in  identifying  basic  soil  types  than 
does  the  magnitude  of  f  /q  . 

4.6.4   Estimation  of  Undrained  Shear  Strength 

The  following  empirical  relationship  is  recommended 
for  estimating  the  undrained  shear  strength  appropriate 
for  stability  analyses  in  medium  to  soft  sedimentary  clays: 

3c"°vo 
Cu  -  N^IT"  (EC3'  4"12) 

where  q   is  the  average  cone  resistance  (after  "filtering" 
of  the  field  data  points) ,  o        the  total  overburden  stress 
and  N   the  cone  factor  derived  from  the  case  studies 
summarized  in  Figure   37.    Note  that  N  =14,  which  is,  also 
predicted  by  the  Baligh  (1975)  theory,  falls  in  the  middle 
of  a  range  of  values  that  vary  between  9  and  19.   Hence 
the  actual  c   can  deviate  by  up  to  ±35%  from  that  calculated 
by  Eq.  4-10.   Further,  although  the  correlation  is  based 
on  a  fairly  wide  variety  in  soil  types  (e.g.  lean  sensitive 
marine  clays,  varved  deposits,  highly  plastic  deltaic  clays, 
etc.),  it  is  still  restricted  to  a  limited   number  of  medium 
to  soft,  sedimentary  CL  and  CH  clays.   Thus  the  ±35%  uncer- 
tainty quoted  above  may  not  apply  to  soil  deposits  signifi- 
cantly different  from  those  used  to  develop  the  empirical 
correlations.   Examples  might  include  naturally  cemented 
clays,  highly  organic  materials,  soils  containing  signifi- 
cant quantities  of  sand  and/or  shells,  and  partially  satur- 
ated clays. 
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On  important  jobs,  especially  those  involving  "unusual" 
soil  deposits,  it  would  be  advisable  to  develop  site- 
specific  empirical  correlations.   This,  of  course,  requires 
a  reasonably  reliable  estimate  of  the  reference  strength, 
c  (reference) .   The  best  procedure  for  accomplishing  this 
objective  will  vary  with  local  conditions  and  experience 
and  ideally  should  be  verified  by  large  scale  field  tests. 
One  would  generally  expect  reasonable  results  using  field 
vane  data  corrected  according  to  Bjerrum  (1972) ,  as  dis- 
cussed in  Chapter  3.   However,  one  should  always  check 
whether  the  strengths  are  reasonable  in  light  of  the  stress 
history  of  the  deposit,  i.e.  how  do  the  values  of  c  /o'Q 
versus  OCR  compare  to  the  relationship  presented  in  Figure 
?•     The  same  recommendation  also  applies  to  strengths 
computed  by  Eq.  4-10. 

4.7   SUMMARY  AND  CONCLUSIONS 

The  Dutch  cone  penetrometer  is  a  rapid  and  economical 
means  of  measuring  cone  point  resistance  (qc)  and  soil- 
steel  friction  (f  )  along  a  local  sleeve  during  steady 
penetration.   The  device  has  applications  for  the  investi- 
gation of  soil  variability  and  soil  types,  the  determination 
of  the  friction  angle  and  drained  compressibility  of  sands 
and  the  undrained  shear  strength  of  clays.   The  present 
study  is,  however,  primarily  restricted  to  the  use  of  the 
electrical  (FUGRO)  cone  in  medium-soft  sedimentary  clays. 

The  writers  presented  five  case  studies  of  cone  tests 
involving  a  lean  sensitive  marine  clay,  a  varved  deposit 
and  a  highly  plastic  deltaic  clay.   Interpretation  of  the 
data  via  the  Baligh  (1975)  cone  penetration  theory  (Figure 

35>  led  to  predicted  strengths  generally  equal  to  or  30±10% 
lower*  than  MIT's  best  estimate  of  the  undrained  shear 
strength  appropriate  for  circular  arc  stability  analyses. 


*Except  in  "stiff"  Boston  Blue  clay,  where  cu  was  under- 
estimated by  about  5  0%. 
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Since  it  is  easier  to  estimate  the  total  vertical  stress 
(avo)  than  the  total  horizontal  stress  (a^ ) ,  the  writers 
also  analysed  these  data  to  obtain  values  of  N   for  use 
in  the  empirical  relationship 

cu  =  -2-E  <Eq.  4-8) 

which  led  to  the  results  plotted  in  Figure   36   and  summar- 
ized in  Table   °  ,  These  five  case  studies  are  compared 
to  results  obtained  by  other  investigators  in  Figure 
A  value  of  N  =14+2  is  predicted  by  the  Baligh  (1975)  theory 
but  actual  backfigured  N  values  vary  between  9  and  19. 
Thus  for  electrical  cone  tests  performed  in  medium  to  soft 
sedimentary  CL-CH  clays,  use  of  Eq.  4-8  with  N  =14  should 
be  expected  to  predict  values  of  c  with  an  uncertainty  of 
±35%.   This  degree  of  uncertainty  is  only  slightly  greater 
than  the  ±25%  expected  using  corrected  field  vane  tests 
(see  Chapter  3) .   Furthermore,  cone  tests  can  be  performed 
more  economically  than  field  vane  tests  and  they  are  much 
better  suited  to  investigate  strength  variations  with  depth 
and  location. 

In  spite  of  the  relatively  consistent  results  summari- 
zed in  Figure   37  .     it  should  be  emphasized  that  N  =  14  ±  5 
applies  to  average  values  obtained  on  a  limited  number  of 
medium  to  soft  sedimentary  CL-CH  clay  deposits.   Further 
case  studies  are  needed  so  as  to  include  a  wider  range  of 
soil  type,  e.g.  effects  of  partial  saturation,  significant 
quantities  of  sand  and/or  shells,  very  stiff  clays,  etc... 
Such  "empirical"  investigations  should,  however,  be  combined 
with  continued  "theoretical"  studies  in  order  to  obtain  a 
better  understanding  of  the  fundamentals  controlling  the 
cone  penetration  process. 


Though  empirical  correlations  have  been  proposed  • 
relating  f_/q_  and  soil  type  based  on  data  from  mechanic; 
cones  (e.g.  Sanglerat,  1972),  MIT's  experience  indicates 
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that  they  are  not  very  reliable  when  applied  to  electrical 
cone  data  in  medium  to  soft  clays.   The  writers  suggest 
that  pore  pressures  (u)  developed  during  cone  penetration 
(see  discussion  of  the  piezometer  probe  in  Chapter  5)  pro- 
vide a  better  indication  of  soil  type,  at  least  regarding 
sands  versus  clays.   New  devices  are  being  developed  to 
enable  simultaneous  measurement  of  both  q   and  u,  and  if 
successful,  the  ratio  u/q  may  eventaully  prove  far  more 
useful  than  f_/q   in  establishing  variations  in  soil  type. 

In  conclusion,  the  writers  believe  that  the  Dutch 
cone  test  should  be  used  much  more  widely  in  the  U.S.  than 
it  has  been.   Its  usefulness   in  granular  deposits  is  al- 
ready well  established  and  the  device  can  now  be  used  to 
predict  the  undrained  strength  of  sedimentary  clays  with 
reasonable  accuracy  for  most  practical  problems.   Though 
giving  somewhat  less  reliable  strengths  than  corrected 
field  vane  data,  the  test  is  far  more  cost  effective  for 
investigating  strength  variability.   And  if  eventually 
combined  with  measurements  of  pore  pressure,  such  a  tool 
could  become  the  single  most  useful  in  situ  testing  device , 
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5.   PIEZOMETER  PROBE  TEST 

5.1   GENERAL  PRACTICE 

The  newly  developed  piezometer  probe  device  (Wissa 
et  al. ,  1975;  Torstensson,  1975)  has  several  useful  applica- 
tions.  Consisting  of  a  porous  tip  on  a  cone-like  probe 
hydraulically  connected  to  the  diaphragm  of  an  electrical 
pressure  transducer,  the  apparatus  can  measure  the  pore 
pressures  developed  during  uniform  penetration,  monitor  the 
pore  pressure  dissipation  after  interruption  of  penetration 
and  yield  the  equilibrium  pore  pressure  value  after  complete 
dissipation.   The  pore  pressure  measured  during  penetration 
provides  an  indication  of  soil  type  and  of  changes  in  rela- 
tive consistency  or  density.   Rates  of  pore  pressure  dissi- 
pation can  give  approximate  values  of  the  coefficient  of 
consolidation  and  variations  in  this  rate  provide  further 
information  regarding  changes  in  soil  type  with  depth.   The 
final  dissipation  pore  pressure  value  yields  the  equilibrium 
pore  pressure,  uQ.  The  piezometer  probe  is  therefore  an 
extremely  rapid  and  economical  means  of  soil  profiling, 
though  its  capabilities  have  been  largely  unexploited  except 
in  certain  regions  of  the  U.S.A.,  in  Sweden  and  in  Italy 
( Jamiolkowski ,  1978). 

As  illustrated  in  Figure   38  y  the  piezometer  probe  used 
by  MIT,  as  designed  by  Drs .  Wissa  and  Martin,  consists  of 
a  high  air  entry  stainless  steel  porous  tip  connected  to  a 
pressure  transducer  contained  in  a  1.5  in.  (3.8  cm)  diameter 
stainless  steel  housing.   The  upper  end  of  the  housing 
screws  into  a  standard  A  or  AW  drilling  rod  used  to  force 
the  probe  into  the  soil.   The  lower  end  of  the  housing 
connects  to  a  60  or  18°  apex  tip  and  the  position  of  the 
porous  stone,  either  along  the  tip  or  along  the  housing, 
can  vary  as  shown  in  the  figure.   MIT  has  generally  used  an 
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18°  cone  with  the  porous  stone  at  the  tip.   The  probe 
developed  by  Torstensson  (1975)  has  essentially  the  same 
exterior  features  but  the  porous  element  and  tip  geometries 
differ  slightly  from  the  devices  used  by  MIT.   These  char- 
acteristics, however,  lead  to  significantly  different 
dissipation  rates  and  excess  pore  water  pressures. 

A  four-conductor  shielded  electrical  cable  protected 
by   polyethylene  tubing  connects  the  transducer  to  the  read- 
out at  the  surface.   To  ensure  immediate  and  full  response 
of  the  probe,  the  stone,  tip  and  the  water  chamber  to  the 
flush  diaphragm  transducer  must  be  completely  evacuated  and 
filled  with  deaired  water.   The  capacity  of  the  interchange- 
able transducer  in  the  housing  determines  the  sensitivity 
of  the  probe.   Transducers  of  100  psi  (690  kPa)  capacity 
were  generally  used  for  the  tests  described  in  the  Appen- 
dices.  The  length  of  electrical  cable  and  plastic  tubing 
limits  depth  of  penetration.   Wissa  et  al.  (1975)  have  run 
tests  over  200  ft  (60  m)  deep  but  expected  no  problems  at 
even  greater  depths . 

The  probe  penetrates  the  ground  from  the  surface  or 
the  bottom  of  a  cased  or  mudded  hole  at  a  rate  of  1  to  2 
cm/sec.   Generated  pore  pressures  should  be  monitored  con- 
tinuously, such  as  with  a  strip  chart  recorder.   Practically, 
penetration  must  stop  every  3  to  5  ft  (1.0  to  1.5  m)  in 
order  to  add  a  new  rod  to  the  length  already  in  the  ground. 
At  points  in  the  soil  where  equilibrium  pore  pressures  are 
required,  penetration  of  the  probe  is  stopped  until  full 
dissipation  of  the  excess  pore  pressures  during  dissipation 
leads  to  S-shaped  consolidation  curves,  as  discussed  in 
Section  5.2.2. 

In  the  case  of  reuse  of  a  probe  in  a  second  hole  (with- 
out redeairing  the  tip) ,  retrieval  of  the  probe  from  the 
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first  hole  must  be  slow  enough  to  prevent  cavitation  of  the 
water  between  the  transducer  and  the  stone.   Pressure 
response  should  be  checked  before  start  of  each  new  test 
hole  by  quickly  inserting  the  probe  in  water  or  by  applying 
a  small  manual  pressure  to  the  water  surrounding  the 
probe  (usually  transported  in  a  plastic  bottle  filled  with 
water)  and  observing  the  electronic  signals  on  the  strip 
chart  recorder.   If  the  response  is  not  immediate,  the  device 
needs  deairing.   The  ability  of  the  piezometer  probe  to 
measure  reliably  pore  water  pressures  during  penetration 
results  from  the  low  flexibility  of  the  transducer  diaphragm, 
the  small  volume  of  deaired  water  between  porous  tip  and 
transducer  and  the  high  air  entry  porous  tip  which  keeps  the 
probe  saturated.   Submergence  of  the  porous  tip  in  deaired 
water*  when  not  in  use  should  ensure  continued  saturation. 
The  recommendations  regarding  electrical  support  equipment 
presented  in  Section  4.6.1  for  use  with  the  FUGRO  electrical 
cone  also  apply  to  tests  employing  the  piezometer  probe. 

Reduction  of  the  field  test  data  at  MIT  included : 

1)  Digitizing  of  field  data  (generally  in  form  of 
continuous  graphical  readings) . 

2)  Normalization  of  the  electronic  signal  with  respect 
to  input  voltage. 

3)  Conversion  of  the  output  signal  to  water  pressure 
using  the  transducer  calibration  (obtained  prior 

to  the  test  with  the  whole  length  of  the  field  cable) 

4)  Plotting  of  pore  pressure  versus  depth  (penetration 
or  equilibrium  pore  pressure)  or  versus  time 
(dissipation  curves) . 


*0r  alcohol  at  cold  temperatures 
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The  following  sections  review  the  theory  (if  existing) 
and  interpretation  of  piezometer  probe  test  results,  inclu- 
ding 

1)  Penetration  tests 

2)  Dissipation  tests 

3)  Equilibrium  pore  pressures 

and  evaluate  the  device  for  use  in  practice. 


5.2   THEORETICAL  ANALYSES,  METHODS  OF  INTERPRETATION  AND 
FACTORS  RELEVANT  TO  TEST  RESULTS 

5.2.1   Pore  Pressures  During  Penetration 

Figure  39  presents  a  detailed  plot  of  pore  pressures 
measured  during  penetration  of  an  18°  probe  with  the  porous 
stone  at  its  tip  in  Boston  Blue  clay  at  Saugus,  MA  (Appendix 
E) .   Penetration  took  place  at  a  rate  of  1  to  2  cm/sec 
in  this  CL  sedimentary  clay  having  an  undrained  shear 
strength  of  about  0.5  kg/cm   (49  kPa) .   At  the  depths  shown, 
the  clay  has  an  overconsolidation  ratio  of  about  2  to  3. 
The  penetration  pore  pressures  averaged  approximately  four 
times  the  in  situ  equilibrium  value,  u  .   When  the  probe 
hit  what  is  thought  to  be  a  sand  layer  (depths  of  47,  49 

and  53.5  ft  [14.3,  14.9,  and  16.3  m] ) ,  the  pore  pressure 

2 
dropped  more  than  5  kg/cm   (490  kPa)  and  even  went  negative. 

The  fact  that  the  soil  surrounding  the  probe  fails  in  un- 
drained shear  during  penetration  partially  explains  this 
behavior  since  loose  sands  and  most  cohesive  soils  develop 
positive  excess  pore  pressures,  whereas  dense  sand  and  very 
stiff  clays   generate  negative  excess  pore  pressures 
(positive  dilatancy) ,  as  illustrated  by  the  case  histories 
presented  in  Appendices  D,  E,  F  and  G.   Thus  the  probe 
provides  an  excellent  method  for  detecting  thin  layers  of 
pervious  soils.   The  drops  in  pore  pressures  highlighted  by 
the  arrows  in  Figure   39  represent  partial  pore  pressure 
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SAUGUS  (Vivatrat,  1978) 
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dissipation  which  occurred  while  waiting  for  the  driller  to 
add  another  5  ft  (1.5  m)  rod.   In  general  these  interrup- 
tions lasted  less  than  a  minute. 

Figure  ^0  shows  penetration  pore  pressures  obtained 
with  Torstenssen* s  equipment.   In  the  upper  soft  clay, 
penetration  of  the  probe  induces  high  excess  pore  pressures, 
whereas  in  the  underlying  sand,  much  smaller  excess  pore 
pressures  are  generated  with  sharp  peaks  indicating  thin 
clay  layers.   In  the  third  stratum,  the  varved  clay  pro- 
duces large  variations  in  excess  pore  pressures  due  to  the 
layered  nature  of  the  deposit.   Similar  behavior  was 
observed  by  MIT  in  the  Amherst  varved  clay.   As  illustrated 
in  Figure  D-5,  pore  pressure  variations  measured  with  an 
18°  probe  probably  reflect  the  thickness  of  the  individual 
varves . 

The  piezometer  probe  data  in  Boston  Blue  clay  at  Saugus 
seem  to  indicate  generation  of  larger  pore  pressures  in  the 
deep  soft,  nearly  normally  consolidated,  clay  than  in  the 
upper  medium  to  stiff  layer  (Figures  E-9  to  E-ll)  .   This 
effect  also  appears  in  the  Atchafalaya  clay,  though  not  as 
clearly.   For  example,  Figure  F-12  shows  decreases  in  the 
magnitude  of  pore  pressure  with  respect  to  uQ  at  depths  of 
55  and  80  ft  (16.8  and  24.4  m)  where  overconsolidated  layers 
begin  as  indicated  in  Figure  F-4. 

Thus  the  magnitude  of  penetration  pore  pressures  can 
often  serve  as  an  index  to  soil  type,  and  possibly  its  con- 
sistency or  relative  density.   Although  no  theory  exists  at 
the  present  time  to  interpret  the  magnitude  of  these  pore 
pressures,  Vivatrat  (19  78)  suggested  that  the  ratio  u/q 
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might  eventually  be  used  to  identify  soil  type,  u  being  the 
pore  pressure  during   penetration  and  q   the  cone  resistance. 
This  ratio  might  supplement  or  even  replace  the  cone  sleeve 
friction  ratio ,  fc/q_,  especially  if  cone  penetrometers 
combined  with  a  piezometer  probe  sensor  become  available. 
Based  on  results  obtained  by  Baligh  et  al.  (1977)  and  more 
recent  MIT  test  results,  Vivatrat  (1978)  showed  u/qc  to  vary 
over  a  much  wider  range  with  different  soil  types  than  f  /qc, 
though  this  observation  was  based  on  limited  experience. 

The  M.I.T.  case  studies  illustrated  the  effects  of  cone 
angle  and  porous  stone  location  on  the  excess  pore  pressures 
generated  in   soft  clay  deposits.   In  general,  for  porous 
stones  at  the  tip,  the  blunter  60°  apex  generated  excess 
pore  pressures  in  soft  clay  20  to  50%  higher  than  the  18° 
cone  (except  at  Amherst,  where  the  reverse  situation  occurred 
for  unexplained  reasons) . 

M.I.T.  studied  the  effect  of  penetration  rate  on  gener- 
ated pore  pressure  but  did  not  find  any  consistent  signifi- 
cant trend.   However,  Jamiolkowski  (1978)  ran  piezometer 
probe  tests  in  medium  to  soft  clays  at  rates  from  0.2  to 
2  cm/sec  using  the  Torstensson  device:   the  excess  pore 
pressures  decreased  slightly  at  slower  rates.   However, 
since  piezometer  probe  data  will  probably  be  eventually 
used  in  conjunction  with  the  Dutch  cone  device  it  is  advis- 
able to  standardize  the  penetration  rates  for  both  tests  at 
1  to  2  cm/sec. 

5.2.2   Pore  Pressure  Dissipation 

The  dissipation  of  excess  pore  pressures  after  inter- 
ruption of  penetration  can  provide  estimates  of  consolida- 
tion characteristics  of  the  soil  tested.   Several  factors 
however  complicate  the  interpretation  of  this  pore  pressure 
decay  (Baligh  et  al.,  1977): 
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1)  Difficulty  in  estimating  initial  distribution  of 
excess  pore  pressures. 

2)  Soil  anisotropy  and  nonlinearity  of  soil  compressi- 
bility. 

3)  Effect  of  disturbance  (large  shear  strains)  on  the 
consolidation  properties  of  the  clay  next  to  the 
porous  element. 

4)  Coupling  of  water  diffusion  and  compressibility  of 
soil  processes. 

Simple  solutions  that  neglect  the  two  latter  effects  and 
assume  a  uniform  excess  pore  pressure  distribution  within 
a  sphere  or  a  cylinder  are  available.   They  show  that  after 
a  sufficiently  long  time,  the  decay  in  pore  pressure  be- 
comes proportional  to  exp  (-c  t/H^  ) ,  where  cv  =  coefficient 
of  consolidation,  t  =  time  and  Ho  =  radius  of  sphere  (or 
cylinder) .   This  implies  that  a  plot  of  log  u  vs  t  becomes 

a  straight  line  beyond  a  certain  time  t,  with  a  slope  pro- 

2 

portional  to  c  /H^  ,  where  H.  is  taken  as  the  radius  of  the 

porous  stone  (the  contact  zone  between  the  probe  and  the 
soil  being  an  impermeable  boundary )  . 

Torstensson  (1978)  used  the  classical  solution  to  the 
problem  of  expansion  of  spherical  and  cylindrical  cavities* 
in  an  infinite  medium  (Hill,  1950)  for  development  of  a 
plastic  zone  in  the  soil  surrounding  a  cavity  and  the  finite 
difference  method  to  solve  the  equations  of  consolidation 
and  obtained  the  pore  pressure  dissipation  curves  shown 
in  Figure   41.   He  assumed  the  initial  excess  pore  pressure   8 
equal  to  the  change  in  average  stress  in  an  isotropic  soil  as 


*However,  MIT  data  (Vivatrat,  1978)  suggest  that  the  pore 
pressure  developed  during  cone  penetration  may  bear  little 
relation  to  the  cavity  expansion  problem. 
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calculated  from  the  cavity  expansion  theories  (thus  no  ini- 
tial change  in  pore  pressure  outside  the  plastic  zone) .   To 
compute  the  horizontal  coefficient  of  consolidation,  c,, 
using  the  curves  in  Figure   ^2,  Torstensson  proposed  the 
following  equations  (for  U  =  average  degree  of  pore  pressure 
dissipation*) : 

I.  Cylindrical  cavity  assumption 

C   r  2 
EC   O 
Ch  =   ECt  (Eq.  5-1) 

II.  Spherical  cavity  assumption  (for  isotropic  soil) 

C   r  2 
Fq  o 

ch  =  -±~ (Eq.  5-2) 

where  C„r,  Cps  =  constants  for  cylindrical  or  spherical 

cavity  assumption 
r  =  radius  of  porous  stone 
t  =  time  for  given  degree  of  consolidation 

The  method  requires  knowledge  of  the  rigidity  index  of  the 
deposit  in  terms  of  Young's  modulus,  E  /cu.   The  data  pre- 
sented in  Figures  6   or  9   can  be  used  to  roughly  estimate 
Eu/cu  based  on  soil  type  and  stress  history.   In  practice 
the  constants  CEC  and  CEg  are  selected  for  50%  pore  pressure 
dissipation  at  a  given  Eu/cu  value. 

Torstensson1 s  method  was  used  to  estimate  c-  in  the 
Amherst,  Saugus  and  Florida  Slimes  case  histories  and  Table 
5-1  summarizes  the  results.   In  general,  the  method  under- 
estimated the  value  of  c,  compared  to  laboratory  data. 
Jamiolkowski  (1978)  also  obtained  too  low  coefficients  of 
consolidation  from  piezometer  probe  tests  in  overconsoli- 
dated  clay  (he  used  Torstensson' s  method  of  interpretation 


cU=Au/Au^,  where  Au  =  excess  pore  pressure  at  time  t 

Au-j_  =  initial  excess  pore  pressure 
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OF  CONSOLIDATION  FROM  PIEZOMETER  PROBE  TESTS 
(Torstensson,  1978) 
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and  compared  the  values  to  laboratory  measurements) .  How- 
ever Torstensson  states  that  in  his  experience,  the  theory 
overpredicts  field  values  by  a  factor  of  about  two. 

The  predicted  values  in  Table  7   used  the  spherical 
cavity  assumption.   If  one  employs  the  cylindrical  cavity 
assumption,  the  computed  c^  values  increase  by  a  factor  of 
4  to  5,  thus  bringing  the  predicted  c,  values  that  were  too 
low  within  the  lower  bounds  of  the  laboratory  c,  values. 
At  the  present  time  though,  it  is  not  known  which  assumption 
should  generally  be  used.   It  should  also  be  noted  that  the 
values  of  c,  estimated  from  laboratory  data  may  be  in  error. 
Ideally,  the  piezometer  probe  data  should  be  compared  to 
values  obtained  from  in  situ  tests  such  as  via  hydraulic 
piezometers  (Mitchell  and  Gardner,  1975) .   Moreover,  the 
fact  that  the  probe  smears  and  remolds  the  clay  surrounding 
the  porous  tip  can  cause  lower  c,  values,  at  least  in 
slightly  overconsolidated  clay  (Jamiolkowski,  1978) ,  since 
disturbance  due  to  the  probe  can  bring  the  soil  to  a  virgin 
state,  where  c,  can  effectively  be  an  order  of  magnitude 
less  than  the  in  situ  pre compressed  undisturbed  state.   On 
the  other  hand,  heterogeneities  in  the  deposit,  although 
impossible  to  account  for  in  theory,  tend  to  increase  c^. 

The  Torstensson  method  of  interpretation  suffers  from 
the  fact  that  it  uses  a  single  point  on  the  dissipation 
curve,  for  example,  tt-0/  to  evaluate  c,.   Table  8   compares 
ch  values  computed  at  degrees  of  pore  pressure  dissipation 
of  20,  50  and  8  0%  in  the  Amherst  varved  and  Boston  Blue 
clays.   Very  inconsistent  values  of  c^  are  often  obtained. 
The  wide  scatter  in  c,  shows  that  the  test  results  do  not 
follow  Torstensson' s  theory,  as  also  illustrated  in  Figure 
41.   A  soil  with  a  c,  of  10    to  10   cm  /sec  should  fall 
within  the  theoretical  band  shown  on  the  U-t  plot.   Actual 
test  results  from  Amherst  and  Saugus  superimposed  on  the 
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TABLE   o    COEFFICIENTS  OF  CONSOLIDATION  FROM 
PIEZOMETER  PROBE  DISSIPATION  TESTS 

(Based  on  Torstensson' s,  1978  Theory) 


Degree  of  Pore 

Pressure 

Test  Site 

Depth 

Dissipation 

Coefficient  of 

U 

Time,t 

Constant 

(ft) 

(%) 

(sec) 

CEC 

Consolidation , 

ch 

(cm^/sec) 

Amherst 

37 

20 

10 

0.1 

0.0025 

50 

180 

0.9 

0.001 

80 

1200 

4 

0.0008 

70 

20 

2 

0.1 

0.013 

50 

4 

0.9 

0.02 

80 

8 

4 

0.12 

Saugus 

37 

20 

7 

0.1 

0.036 

Sta.  246 

50 

27 

0.9 

0.008 

80 

200 

4 

0.005 

57 

20 

16 

0.1 

0.002 

50 

160 

0.9 

0.005 

80 

1100 

4 

0.0008 

96.5 

20 

90 

0. 

0.0003 

50 

280 

0.9 

0.0007 

80 

^Spherical  cavity  assumption 


E  /c  =  500 
u'  u 
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figure   diverge  appreciably  from  Torstensson's  theoretical 
behavior.   Although  his  approach  is  a  rapid  and  simple 
means  for  obtaining  estimates  of  c,,  there  is  no  reason 
why  t5fl  (or  any  other  time)  should  yield  the  best  estimate. 
The  data  appear  to  indicate  that  the  interpretation  of 
piezometer  probe  dissipation  tests  calls  for  consideration 
of  the  entire  consolidation  curve  rather  than  using  a 
single  time. 

Levadoux  and  Baligh  (1978)  are  now  developing  a  new 
theoretical  method  of  interpretation  of  piezometer  probe 
dissipation  tests  considering  the  entire  field  dissipation 
curve.   However,  the  results  of  this  research  will  not 
become  available  until  197  9. 

Although  the  interpretation  methods  available  are  not 
yet  satisfactory,  the  dissipation  tests  should  at  least 
give  an  idea  of  the  relative  variation  in  the  permeability 
and/or  c,  within  a  soil  deposit.   Or  one  might  simply  plot 
the  time  for  50%  pore  pressure  dissipation,  t,-Q/  versus 
depth  to  obtain  a  picture  of  variability  in  consolidation 
characteristics  of  a  deposit,  as  done  by  Torstensson  (1975) 
and  reproduced  in  Figure  43.    The  plot  provides  quick  and 
useful  information  related  to  the  permeability  of  the 
deposit  and  offers  the  possibility  of  identifying  soil 
type  on  the  basis  of  dissipation  rate  (Wissa  et  al.,  1975). 

5.2.3   Equilibrium  Pore  Pressures 

The  determination  of  equilibrium  pore  pressures  with 
the  piezometer  probe  is  very  simple  provided  that  excess 
pore  pressures  developed  during  penetration  fully  dissipate. 
The  time  required  depends  on  the  shape  of  the  probe  tip 
and  the  permeability  of  the  surrounding  soil  but  should 
take  at  most  two  days  since  measurements  in  Boston  Blue  clay 
and  in  the  very  plastic  Louisiana  deltaic  clay  indicated 
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TIME  FOR  50%  CONSOLIDATION,  t(min) 
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FIGURE   ^3    TIME  NEEDED  FOR  50%  PORE  PRESSURE  DISSIPATION 
IN  LAYERED  DEPOSIT  (Torstensson,  1975) 
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full  equilibration  in  24  to  48  hours.   The  piezometer  probe 
offers  the  following  advantages  over  conventional  piezo- 
meters for  determination  of  in  situ  pore  pressures: 

1)  Quick  answer,  especially  in  more  pervious  soils. 
Reliable  conventional  piezometer  readings  require 
a  longer  installation  time  and/or  time  for  equili- 
bration. 

2)  Versatility:   the  probe  can  be  pushed  at  any  depth 
in  any  accessible  location,  whereas  a  piezometer, 
once  installed,  remains  in  a  permanent  location. 

3)  Cost  effectiveness:   the  probe  is  easily  retrieved 
and  reused  (rarely  left  in  the  ground  for  very  long 
periods  of  time) . 

4)  Satisfactory  results  in  extremely  soft  soils,  such 
as  slimes  and  dredged  materials.   For  example,  it 

is  difficult  to  install  a  Casagrande  type  piezometer 
in  these  materials. 

5)  Simplicity  of  installation  procedure  and  unlikeli- 
hood of  hydraulic  short,  since  the  probe  is  pushed 
into  the  ground  without  predrilling.   Standard 
piezometers,  other  than  the  M206  model,  need  pre- 
drilling and  sealing. 

6)  Added  profiling  capability  and  possibility  of  infer- 
ring consolidation  characteristics. 

7)  Unique  capability  for  situations  where  a  very  rapid 
response  is  needed,  such  as  pore  pressures  due  to 
blasting  or  wind  forces. 

However  the  probe  presents  the  following  drawbacks: 

1)  No  continuous  readings  on  long  term  basis  unless 
the  probe  is  left  in  the  ground  permanently,  which 
can  be  impractical  in  many  circumstances. 

2)  Time  readings  required  to  check  full  dissipation. 
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3)  Increased  cost  and  complexity  of  support  facilities 
such  as  the  electrical  readout  equipment. 

4)  Use  and  maintenance  of  more  complex  equipment  (e.g. 
deairing  of  porous  stone,  calibration  of  unit, 
checks  for  zero  drift,  etc.)  requires  highly  trained 
personnel.   Thus  many  engineers  might  prefer  simple 
standpipe-type  piezometers. 

It  seems  therefore  that  for  field  testing  program 
where  in  situ  pore  pressures  at  a  given  time  are  required, 
the  piezometer  probe  presents  definite  advantages  since 
it  will  also  provide  estimates  of  consolidation  characteris- 
tics and  an  idea  of  soil  variability.   For  long  term  moni- 
toring (embankment  construction  and  performance,  for 
example)  conventional  piezometers  will  generally  prove  more 
cost  effective,  although  this  may  change  with  time  as  the 
piezometer  probe  becomes  more  widely  used  and  hence  less 
expensive. 

5.3   EVALUATION  OF  PIEZOMETER  PROBE  TEST  DATA  AND 
RECOMMENDED  PRACTICE 

Although  only  limited  experience  with  the  piezometer 
probe  exists,  the  device  appears  very  promising,  especially 
with  respect  to  its  profiling  capabilities.   The  magnitude 
of  pore  pressures  during  penetration  varies  with  shape  of 
probe  tip  and  location  of  the  porous  stone,  but  these  vari- 
ables are  minor  compared  to  the  effect  of  soil  type.   The 
results  obtained  in  Florida  slimes  where  penetration  pore 
pressures  varied  by  a  factor  of  two  with  fines  content 
(Figure  G-l)  and  in  Boston  Blue  clay  where  thin  sand  lenses 
were  clearly  detected  within  the  cohesive  deposit  (Figures 
E-9  and  39  )  give  interesting  dimensions  to  this  new  testing 
tool.   By  monitoring  rates  of  pore  pressure  dissipation,  the 
device  also  provides  a  good  indication  of  relative  changes 
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in  the  in  situ  coefficient  of  consolidation  (c,  ) ,  which 
again  shows  changes  in  soil  types,  although  reliable   esti- 
mates of  the  actual  magnitude  of  c,  still  requires  further 
development.   In  addition  to  these  two  capabilities,  the 
probe  gives  the  equilibrium  pore  pressure  very  cost  effec- 
tively. 

The  piezometer  probe  (or  its  porous  element  plus  elec- 
trical measurement  system)  should  ideally  be  combined  with 
an  electrical  penetrometer  to  improve  the  profiling  capa- 
bility of  both  devices.   The  resulting  combined  penetration 
test  could  yield: 

1)  The  undrained  shear  strength  of  cohesive  soils. 

2)  The  drained  friction  angle  and  compressibility  of 
cohesionless  soils. 

3)  A  reasonable  indication  of  the  likely  soil  profile, 
especially  when  combined  with  some  knowledge  of 
the  local  geology. 

4)  Equilibrium  pore  pressures. 

5)  Variability  of  consolidation  characteristics. 

Combined  cone-piezometer  probe  devices  are  currently  being 
designed.   If  they  prove  successful,  the  user  may  find  the 
ratio  u/q   better  correlated  to  soil  type  than  the  friction 
ratio  fs/qc.   Even  now,  u/q  data  can  be  obtained  by  running 
both  piezometer  probe  and  cone  penetrometer  tests,  although 
the  cost  is  obviously  higher. 

The  piezometer  probe,  because  of  its  profiling  capa- 
bilities, can  be  very  useful  in  planning  detailed  in  situ 
testing  and  sampling  programs.   That  is,  a  few  preliminary 
piezometer  probe  tests  can  help  plan  the  final  location, 
depth  and  spacing  of  boreholes  and  field  tests  and  even 
whether  an  extensive  laboratory  testing  program  will  be 
required.   Furthermore,  in  the  case  of  important  or 
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specialized  field  testing  programs,  it  may  be  advisable  to 
run  piezometer  probe  tests  to  better  ascertain  soil  varia- 
bility. 

In  practice,  the  piezometer  probe  data  can  be  most 
efficiently  used  at  the  present  time  in  the  following  manner: 

1)  Obtain  pore  pressures  during  penetration  versus 
depth  and  compare  to  u  values  to  detect  cohesive 
and  free-draining  layers. 

2)  Plot  t,-n  (from  equilibration  curves)  versus  depth 
to  obtain  a  profile  of  c,  variability. 

3)  Obtain  equilibrium  pore  pressure  values,  u 

5.4   SUMMARY  AND  CONCLUSIONS 

The  piezometer  probe  device  is  a  rapid,  inexpensive 
means  of  profiling  a  deposit.   It  measures  pore  pressures 
during  penetration  and  dissipation  rates  of  excess  pore 
pressures  after  penetration  is  stopped.   At  the  end  of  dis- 
sipation, the  probe  yields  the  equilibrium  in  situ  pore 
pressure.   The  excess  pore  pressures  measured  during  pene- 
tration give  an   indication  of  soil  type  and/or  changes  in 
relative  consistency  or  density.   Rates  of  pore  pressure 
dissipation  yield  relative  variations  in  the  coefficient  of 
consolidation  of  the  soil  layers.   The  piezometer  probe 
is  especially  well  suited  for  detecting  the  presence  of 
either  free-draining  or  relatively  impervious  layers  located 
within  an  otherwise  predominantly  homogeneous  soil  deposit. 

The  piezometer  probe,  although  still  in  limited  use, 
should  ideally  be  combined  with  an  electrical  cone  penetro- 
meter to  improve  the  profiling  capability  of  both  devices. 
In  addition  to  strength  and/or  compressibility  character- 
istics, estimates  of  consolidation  properties  and  equili- 
brium pore  pressures,  the  new  device  may  also  provide 
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an  improved  index  to  soil  type  in  terms  of  u/q   to  supple- 
ment and/or  replace  the  existing  but  rather  unreliable 
f  /q    index.   To  further  maximize  cost  effectiveness, 
mobile  and  versatile  penetration  rigs  having  efficient 
electronic  data  gathering  equipment  are  highly  desirable. 

The  decay  of  excess  pore  pressures  depends  on  the 
permeability  of  the  soil  and  can  provide  an  estimate  of  the 
coefficient  of  consolidation  although  the  predicted  values 
are  subjected  to  considerable  uncertainty.   Continued 
theoretical  developments  and  further  comparisons  with  cn 
data  obtained  from  laboratory  and  other  types  of  in  situ 
testing  (e.g.  via  flow  tests  with  hydraulic  piezometers) 
are  needed.   Nevertheless  the  dissipation  tests  give  a 
reasonable  idea  of  the  variability  of  c,  throughout  the 
deposit  and  this  represents  a  very  worthwhile  aspect  of  the 
test  if  one  considers  the  added  capability  of  soil  pro- 
filing and  the  low  unit  cost  of  penetration. 

In  summary,  the  piezometer  probe  is  a  very  exciting  new 
tool  for  soil  exploration  and  its  simplicity  and  cost  effec- 
tiveness should  provide  stimulus  for  research  on  improved 
methods  of  interpretation.   Even  with  its  current  limita- 
tions, the  piezometer  probe  is  highly  recommended  to  assess 
soil  variability  and  for  use  in  preliminary  site  investiga- 
tion to  help  plan  final  in  situ  testing  and  sampling  pro- 
grams . 
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6.   SUMMARY,  CONCLUSIONS  AND  RECOMMENDATIONS 

In  situ  testing  has  benefited  from  greatly  expanded 
interest  and  research  in  recent  years,  both  regarding 
reevaluation  of  existing  methods  and  development  of  new 
testing  techniques.   This  expanded  effort  has  resulted 
from:   (1)  a  growing  concern  with  the  reliability  and 
escalating  cost  of  traditional  exploration  techniques 
based  on  boring,  sampling  and  laboratory  testings;  (2)  the 
need  to  reevaluate  the  more  empirically  oriented  in  situ 
tests  in  light  of  recent  advances  in  the  understanding  of 
soil  behavior;  and  (3)  the  desire  to  determine  soil  pro- 
perties and  their  variability  in  more  detail  to  complement 
recent  advances  in  soil  modeling  and  analytical  capabili- 
ties. 

This  study  investigated  the  field  vane,  FUGRO  electri- 
cal cone  penetrometer  and  piezometer  probe  in  situ  testing 
devices  for  use  in  medium  to  soft  cohesive  soils.   The 
report  summarizes  and  evaluates  several  MIT  case  histories 
wherein  the  devices  were  utilized,  plus  experience  reported 
by  others  in  the  literature. 

The  field  vane  test,  simple  in  principle  and  applica- 
tion, has  been  extensively  used  for  discrete  measurement  of 
the  undrained  shear  strength  and  sensitivity  of  cohesive 
deposits.   Although  serious  questions  exist  regarding 
theoretical  interpretation  of  field  vane  results  (due  to 
effects  of  strain  rate  and  disturbance,  peculiar  mode  of 
failure,  etc.),  years  of  evaluated  experience  have  recently 
led  to  development  of  reliable  empirical  correlations  well 
suited  for  use  in  design  practice.   On  the  other  hand, 
the  electrical  cone  penetrometer  and  especially  the  piezo- 
meter probe  represent  a  new  generation  of  in  situ  testing 
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devices.   They  combine  wide  applicability  with  simplicity, 
consistency,  economy  and  the  potential  for  rational  inter- 
pretation.  Both  have  no  mechanically  moving  parts  and  are 
readily  amenable  to   remote  control  and  automated  data 
recording  and  processing,  and  are  thus  ideal  instruments 
for  use  in  difficult  locations.   They  provide  continuous 
measurements,  allowing  better   identification  of  soil 
stratigraphy  and  variability  than  discrete  field  measure- 
ments (e.g.,  the  field  vane  test  or  laboratory  tests  on 
selected  samples) .   For  application  in  medium  to  soft 
clays,  however,  these  devices  lack  solid  evaluated  exper- 
ience by  the  profession  and  a  well  defined  common  basis  for 
analysis. 

MIT  conducted  extensive  field  vane,  electric  cone  and 
piezometer  probe  testing  programs  in  several  cohesive  de- 
posits to  investigate  parameters  affecting  test  results 
and  to  evaluate  the  validity  of  available  methods  of 
interpretation.   The  test  sites  included:   Saugus  Boston 
Blue  clay  (marine  illitic  clay,  low  plasticity  index  and 
medium  sensitivity) ,  Louisiana  levee  clay  (backswamp  clay, 
high  plasticity  index  and  low  sensitivity) ,  and  Connecticut 
Valley  varved  clay  (glacial  lake  varved  clay,  medium 
plasticity  index  and  sensitivity) .   MIT  already  had  detailed 
knowledge  of  the  engineering  properties  of  these  deposits 
from  extensive  laboratory  and  field  tests  and  from  the 
performance  of  embankments. 

6.1   FIELD  VANE  TEST 

In  spite  of  being  one  of  the  oldest  and  most  widely 
used  in  situ  devices  for  measuring  the  strength  of  cohesive 
soils,  the  field  vane  test  still  defies  theoretical  inter- 
pretation in  a  rational  manner.   Because  of  its  peculiar 
mode  of  failure,  disturbance  during  insertion  into  the 
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soil,  strain  rate  effects,  etc.,  the  device  must  be  con- 
sidered as  a  "strength  index"  test  requiring  empirical  cor- 
relations before  direct  use  of  the  data  in  design  practice. 

Fortunately  wide  experience  has  recently  led  to  devel- 
opment of  a  suitable  empirical  correlation  such  that  the 
field  vane  test  now  provides  an  extremely  useful  and  quite 
reliable  method  for  estimating  the  in  situ  strength  appro- 
priate for  total  stress  stability  analyses  with  relatively 
homogeneous  sedimentary  clays.   This  can  be  achieved  by 
"correcting"  measured  strength  data  via  Bjerrum's  (1972) 
empirical  relationship  with  plasticity  index.   As  shown  in 
Figure  3-5,  the  range  of  uncertainty  associated  with  this 
design  method  generally  lies  within  ±25%.   This  is  con- 
sidered acceptable  for  routine  practice.   The  field  vane 
probably  represents  the  most  reliable  in  situ  testing 
device  for  estimating  the  undrained  strength  of  medium  to 
soft  saturated  clays.   But  based  on  this  study  and  the 
experience  of  others,  it  should  be  recognized  that: 

1)  To  yield  consistent  results,  the  test  equipment 
and  procedures  should  follow  the  recommendations 
presented  in  ASTM  D-2573,  except  that  use  of  a 
geared  drive  system  is  required  (i.e  not  optional) 
in  order  to  maintain  a  uniform  rate  of  rotation 
equal  to  6°/min. 

2)  Use  of  Bjerrum's  (1972)  empirical  correlation 
should  be  restricted  to  homogeneous  saturated 
clays,  relatively  free  of  sand  lenses,  shells, 
fibrous  organic  matter  and  other  "heterogeneities" 
that  often  cause  undue  strength  increases. 

3)  The  field  vane  correction  factor  may  be  smaller 
for  overconsolidated  than  for  normally  consoli- 
dated soil.   This  tentative  conclusion  is  pro- 
bably restricted  to  fairly  lean  sensitive  clays. 

137 


A  rather  extensive  study  of  the  influence  of  plas- 
ticity index  and  stress  history  on  the  value  of  the  field 
vane  strength  normalized  with  respect  to  the  effective 
overburden  stress,  cu(FV)/avo,  led   to  several  interesting 
conclusions  of  practical  significance.   For  relatively 
homogeneous  sedimentary  clays: 

1)  The  value  of  cu(FV)/o^0  for  truly  normally  consol- 
idated materials  (i.e.  OCR  =  o^/v-vo   ~   unity)  var- 
ies with  plasticity  index  in  reasonably  good 
agreement  with  Skempton's  (1954)  relationship 

cu/avo  =  0-11  +  0.37  (PI)  (Eq.  3-7) 

as  shown  in  Figures   20  and  21. 

2)  When  "corrected"  with  Bjerrum's  (1972)  empirical 
correlation/  the  resulting  values  of  the  in  situ 
strength  appropriate  for  stability  analyses  for 
truly  normally  consolidated  clays  generally  equal 
0.22±0.04  (see  Figure  22  ).   This  has  great 
practical  significance  for  it  implies  that  the  in 
situ  strength  ratio  of  normally  consolidated 
clays  falls  within  a  fairly  narrow  band  independent 
of  plasticity  index. 

3)  The  field  vane  strength  ratio  increases  with 
overconsolidation  ratio  in  a  reasonably  consistent 
manner  given  by  the  relationship 

cu(FV)/o^0  (OC) 

cu(FV)/avo  (NC)  =  (0CR)  (E^  3"9) 

where  the  exponent  m  varies  between  0.8  and  0.95 
for  most  non-layered,  non-cemented  clays  and  inde- 
pendently of  PI.   However,  the  in  situ  cu/avo  in- 
creases with  OCR  less  rapidly  than  the  FV  cu/o^QI 
with  the  m  exponent  between  0.8  and  0.85.   It 
therefore  follows  that  the  in  situ  strength  appro- 
priate for  design  of  fairly  homogeneous 
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sedimentary  clays  (if  non-cemented  and  non-layered) 
can  be  expressed  as 

Cu/avo  =  (0-22±0.04) (OCR)0*8"0"85     (Eq.  3-8) 

Corrected  field  vane  data  (and  other  test  methods  em- 
ployed to  estimate  design  strengths)  should  be  compared  to 
values  predicted  by  this  relationship.   This  empirical 
correlation  can  also  be  used  for  preliminary  estimates 
of  design  strengths  in  deposits  having  a  known  stress  his- 
tory. 

With  major  projects  and  when  the  same  deposit  extends 
over  a  wide  area,  local  correlations  should  be  developed  between 
c  (FV)/aVo  an<3  OCR  (such  as  shown  in  Figure   33.    Field 
vane  data  can  then  be  used  to  help  establish  stress  history 
profiles  at  each  new  location,  thereby  reducing  the  cost 
of  undisturbed  sampling  and  laboratory  testing. 

Despite  its  empirical  nature,  the  field  vane  test 
represents  a  fairly  economical,  simple  and  reliable  in 
situ  device  for  estimating  the  undrained  strength  of  medium 
to  soft,  saturated  sedimentary   clays.   Its  use  in  design 
practice  can  be  further  enhanced  by  developing  local  cor- 
relations between  cu(FV)/a'   and  stress  history  at  each 
new  site. 

6.2   DUTCH  CONE  PENETROMETER  TEST 

The  Dutch  cone  penetrometer  measures  rapidly  and 
economically  cone  point  resistance  (q  )  and  soil-steel 
friction  (f  )  along  a  local  sleeve  during  steady  penetra- 
tion.   The  device  can  conveniently  investigate  soil  varia- 
bility (and  perhaps  soil  type)  and  it  provides  estimates 
of  the  in  situ  friction  angle  and  drained  compressibility 
of  sands  and  the  undrained  shear  strength  of  clays.   The 
present  study  is  however,  primarily  restricted  to  the  use 
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of  the  electrical  (FUGRO)  cone  in  medium  to  soft  sedimentary 
clays. 

In  the  clay  deposits  studied  by  MIT,  the  cone  resis- 
tance q  ,  measured  with  standard  equipment,  exhibited 
satisfactory  repeatability  with  a  margin  of  uncertainty  of 
10±10%.   Typical  q   profiles  contained  small-scale  anoma- 
lies, probably  due  to  soil  heterogeneity,  which  were  dis- 
carded after  the  variability  of  the  deposits  was  evaluated. 
A  computerized  filtering  procedure  eliminated  these 
anomalies  in  a  consistent  manner. 

Factors  influencing  cone  resistance  (measured  with 
electrical  cones  of  varying  geometry)  included  (Vivatrat, 
1978) : 

1)  Apex  Angle:   q   increases  as  the  apex  angle  de- 
creases (sharper  cones) .   The  effect  of  angle  on 
q   agrees  with  the  Baligh  (1975)  theoretical  pre- 
dictions (Figure  28  )  • 

2)  Tip  Shape:   As  predicted  by  the  Baligh  (1975) 
theory,  tip  enlargement  reduces  q  .   This  reduction, 
however,  depends  on  the  soil  type  and  especially 
its  stress  history. 

3)  Penetration  Velocity:   Moderate  variation  (e.g., 
by  a  factor  of  2)  from  the  standard  penetration 
rate  of  1  to  2  cm/sec  causes  little  noticeable 
change  in  q  . 

Interpretation  of  standard  electric  cone  test  data 
via  the  Baligh  (1975)  cone  penetration  theory  led  to  pre- 
dicted strengths  generally  equal  to  or  30±10%  lower  than 
the  estimated  undrained  shear  strength  appropriate  for 
circular  stability  analyses  (Figure  35)?   When  measured  qc 
data  and  estimated  in  situ  strengths  at  the  MIT  test  loca- 
tions, and  also  results  reported  in  the  literature, 

140 


were  analyzed  using  the  empirical  relationship, 

qc~avo 

cu  =  — n (Eq*  4"8) 

values  of  N   between  9  and  19  were  backfigured  (Figure 

37  ) •   Thus  for  electrical  cone  tests  performed  in  medium 
to  soft  sedimentary  CL-CH  clays,  use  of  Eq.  4-8  with  N  =14 
should  be  expected  to  predict  values  of  c   with  an  uncertain- 
ty of  ±35%.   This  degree  of  uncertainty  is  only  slightly 
greater  than  the  ±25%  expected  using  corrected  field  vane 
tests  and  may  be  quite  satisfactory  in  many  design  pro- 
blems, especially  since  the  cone  can  yield  continuous 
strength  profiles  in  much  less  time. 

In  spite  of  the  relatively  consistent  results  obtained 
with  the  cone  penetrometer,  it  should  be  emphasized  that 
Nc  =  14  +  5  applies  to  average  values  from  electrical  cone 
tests  performed  in  a  limited  number  of  clay  deposits.  Fur- 
ther case  studies  are  needed  to  include  a  wider  range  of 
soil  type,  e.g.  effects  of  partial  saturation,  significant 
quantities  of  sand  and  /or  shells,  very  stiff  clays,  etc. 
Such  "empirical"  investigations  should,  however,  be  com- 
bined with  continued  "theoretical"  studies  in  order  to 
obtain  a  better  understanding  of  the  fundamentals  control- 
ling the  cone  penetration  process. 

Though  empirical  correlations   have  been  proposed 
relating  the  f^/q^  ratio  and  soil  type  based  on  data  from 
mechanical  cones  (e.g.  Sanglerat,  1972),  MIT's  experience 
indicates  that  they  are  not  very  reliable  when  applied  to 
electrical  cone  data  in  medium  to  soft  clays. 
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6.3   PIEZOMETER  PROBE  TEST 

The  piezometer  probe  device  is  a  rapid,  inexpensive 
means  of  profiling  a  deposit.   It  measures  pore  pressures 
during  penetration  and  dissipation  rates  of  excess  pore 
pressures  after  penetration  is  stopped.   At  the  end  of 
dissipation,  the  probe  yields  the  equilibrium  in  situ  pore 
pressure.   The  excess  pore  pressures  measured  during  pene- 
tration give  an  indication  of  soil  type  and/or  changes  in 
relative  consistency  or  density.   Rates  of  pore  pressure 
dissipation  yield  relative  variations  in  the  coefficient 
of  consolidation  of  the  soil  layers.   The  piezometer  probe 
is  especially  well  suited  for  detecting  the  presence  of 
either  free-draining  or  relatively  impervious  layers  lo- 
cated within  an  otherwise  predominantly  homogeneous  soil 
deposit. 

Pore  pressures  measured  during  cone  penetration  vary 
with  the  location  of  the  special  porous  stone  used  to  make 
the  measurement.   During  penetration  at  the  standard  rate 
of  1  to  2  cm/sec  in  homogeneous  clays,  the  pore  pressure 
u  is  largest  at  the  middle  of  the  cone  tip  and  decreases 
along  the  shaft  behind  the  cone.   This  results  from  vari- 
ations in  the  stress  field  around  the  cone,  not  changes  in 
the  degree  of  pore  pressure  dissipation. 

In  the  clay  deposits  tested,  the  steady  penetration 
pore  pressure  u  tended  to  decrease  with  increasing  cone 
resistance   qc.   Thus  the  ratio  u/qc  can  provide  a  good  in- 
dication of  variations  in  soil  type  and  perhaps  stress 
history.   Pore  pressures  developed  during  cone  penetration 
may  eventually  prove  more  reliable  in  identifying  soil 
types  than  the  fs/qc  ratio. 

The  piezometer  probe  device  can  also  provide  estimates 
of  consolidation  characteristics,  although  the  predicted 
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values  are  subject  to  considerable  uncertainty.   Continued 
theoretical  development  and  further  comparisons  of  "true" 
versus  predicted  c^  values  are  warranted.   Nevertheless, 
dissipation  test  data  give  a  reasonable  idea  of  the 
variability  of  c,  throughout  a  deposit  and  this  represents 
a  very  worthwhile  aspect  of  the  test  if  one  considers  the 
added  capability  of  soil  profiling  and  the  low  unit  cost 
of  penetration. 

The  piezometer  probe  is  a  very  exciting  new  tool  for 
soil  exploration  and  its  simplicity  and  cost  effectiveness 
should  provide  stimulus  for  research  on  improved  methods 
of  interpretation.   Even  with  its  current  limitations, 
the  piezometer  probe  is  highly  recommended  to  assess  soil 
variability  and  for  use  in  preliminary  site  investigation 
to  help  plan  final  in  situ  testing  and  sampling  programs. 

6.4   RELATIVE  MERITS  OF  THE  THREE  IN  SITU  DEVICES 

The  field  vane  test  has  the  advantage  of  simplicity, 
being  a  self-contained  unit  not  requiring  electronic 
support  equipment  or  high  technology,  and  is  the  only 
device  that  easily  measures  clay  sensitivity.   Although 
a  "strength  index"  test  requiring  empirical  correlations, 
FV  data  corrected  via  Bjerrum's  (1972)  relationship  pro- 
vide more  reliable  estimates  of  design  strengths  in  medium 
to  soft  saturated  cohesive  soils  than  any  other  reasonably 
simple  in  situ  test.   The  test  is  also  well  suited  for 
helping  to  establish  stress  history  profiles  at  new  loca- 
tions once  the  normalized  strength  (cu/aVO)  versus  over- 
consolidation  ratio  relationship  has  been  developed  for 
the  deposit. 

The  electrical  Dutch  cone  test,  though  providing  some- 
what less  reliable  design  estimates  of  cu  in  clays  than 
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the  field  vane  test,  is  much  better  suited  to  investigate 
soil  variability,  both  regarding  soil  type  and  changes  in 
strength,  as  it  yields  continuous  profiles  rapidly  and 
economically.   Moreover,  its  usefulness  in  granular  depo- 
sits is  already  well  established.   Thus  the  writers  believe 
that  this  highly  cost  effective  and  most  versatile  in  situ 
device  should  be  used  much  more  widely  in  the  U.S.A.  than 
it  has  been,  especially  since  the  cone  can  now  predict  c 
in  clays  with  reasonable  accuracy  for  many  practical  pro- 
blems. 

Pore  pressures  measured  during  penetration  of  the 
piezometer  probe  give  a  general  indication  of  soil  type  and 
the  device  is  ideal  for  detecting  thin  sand  or  clay  layers 
within  an  otherwise  homogeneous  deposit.   The  probe  also 
provides  a  relatively  rapid  and  inexpensive  method  for 
assessing  variations  in  c^  throughout  a  deposit,  though 
not  absolute  values,  as  of  now. 

A  new  instrument  capable  of  simultaneously  measuring 
cone  resistance  and  pore  pressures,  has  a  great  poten- 
tial in  soil  exploration  and  in  situ  evaluation  of  soil 
parameters.   Besides  giving  estimates  of  friction  angle 
and  compressibility  with  granular  soils  and  the  undrained 
strength  of  clays  (and  perhaps  a  reasonable  indication  of 
stress  history) ,  it  should  provide  a  rapid  and  reliable 
tool  for  soil   identification.    Certainly  the  com- 
bined information  obtained  from  pore  pressures   developed 
during  penetration,  rates  of  pore  pressure  dissipation 
and  cone  resistance  can  be  eventually  used  to  develop 
meaningful  correlations  with  soil  properties  and  behavior, 
and  hence  soil  type. 
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FEDERALLY  COORDINATED  PROGRAM  (FCP)  OF  HIGHWAY 
RESEARCH  AND  DEVELOPMENT 


The  Offices  of  Research  and  Development  (R&D)  of 
the  Federal  Highway  Administration  (FHWA)  are 
responsible  for  a  broad  program  of  staff  and  contract 
research  and  development  and  a  Federal-aid 
program,  conducted  by  or  through  the  State  highway 
transportation  agencies,  that  includes  the  Highway 
Planning  and  Research  (HP&R)  program  and  the 
National  Cooperative  Highway  Research  Program 
(NCHRP)  managed  by  the  Transportation  Research 
Board.  The  FCP  is  a  carefully  selected  group  of  proj- 
ects that  uses  research  and  development  resources  to 
obtain  timely  solutions  to  urgent  national  highway 
engineering  problems.* 

The  diagonal  double  stripe  on  the  cover  of  this  report 
represents  a  highway  and  is  color-coded  to  identify 
the  FCP  category  that  the  report  falls  under.  A  red 
stripe  is  used  for  category  1,  dark  blue  for  category  2, 
light  blue  for  category  3,  brown  for  category  4,  gray 
for  category  5,  green  for  categories  6  and  7,  and  an 
orange  stripe  identifies  category  0. 

FCP  Category  Descriptions 

1.  Improved  Highway  Design  and  Operation 
for  Safety 

Safety  R&D  addresses  problems  associated  with 
the  responsibilities  of  the  FHWA  under  the 
Highway  Safety  Act  and  includes  investigation  of 
appropriate  design  standards,  roadside  hardware, 
signing,  and  physical  and  scientific  data  for  the 
formulation  of  improved  safety  regulations. 

2.  Reduction  of  Traffic  Congestion,  and 
Improved  Operational  Efficiency 

Traffic  R&D  is  concerned  with  increasing  the 
operational  efficiency  of  existing  highways  by 
advancing  technology,  by  improving  designs  for 
existing  as  well  as  new  facilities,  and  by  balancing 
the  demand-capacity  relationship  through  traffic 
management  techniques  such  as  bus  and  carpool 
preferential  treatment,  motorist  information,  and 
rerouting  of  traffic. 

3.  Environmental  Considerations  in  Highway 
Design,  Location,  Construction,  and  Opera- 
tion 

Environmental  R&D  is  directed  toward  identify- 
ing and  evaluating  highway  elements  that  affect 


*  The  complete  seven-volume  official  statement  of  the  FCP  is  available  from 
the  National  Technical  Information  Service,  Springfield,  Va.  22161.  Single 
copies  of  the  introductory  volume  are  available  without  charge  from  Program 
Analysis  (HRD-3X  Offices  of  Research  and  Development,  Federal  Highway 
Administration,  Washington,  D.C.  20590. 


the  quality  of  the  human  environment.  The  goals 
are  reduction  of  adverse  highway  and  traffic 
impacts,  and  protection  and  enhancement  of  the 
environment. 

4.  Improved  Materials  Utilization  and 
Durability 

Materials  R&D  is  concerned  with  expanding  the 
knowledge  and  technology  of  materials  properties, 
using  available  natural  materials,  improving  struc- 
tural foundation  materials,  recycling  highway 
materials,  converting  industrial  wastes  into  useful 
highway  products,  developing  extender  or 
substitute  materials  for  those  in  short  supply,  and 
developing  more  rapid  and  reliable  testing 
procedures.  The  goals  are  lower  highway  con- 
struction costs  and  extended  maintenance-free 
operation. 

5.  Improved  Design  to  Reduce  Costs,  Extend 
Life  Expectancy,  and  Insure  Structural 
Safety 

Structural  R&D  is  concerned  with  furthering  the 
latest  technological  advances  in  structural  and 
hydraulic  designs,  fabrication  processes,  and 
construction  techniques  to  provide  safe,  efficient 
highways  at  reasonable  costs. 

6.  Improved  Technology  for  Highway 
Construction 

This  category  is  concerned  with  the  research, 
development,  and  implementation  of  highway 
construction  technology  to  increase  productivity, 
reduce  energy  consumption,  conserve  dwindling 
resources,  and  reduce  costs  while  improving  the 
quality  and  methods  of  construction. 

7.  Improved  Technology  for  Highway 
Maintenance 

This  category  addresses  problems  in  preserving 
the  Nation's  highways  and  includes  activities  in 
physical  maintenance,  traffic  services,  manage- 
ment, and  equipment.  The  goal  is  to  maximize 
operational  efficiency  and  safety  to  the  traveling 
public  while  conserving  resources. 

0.  Other  New  Studies 

This  category,  not  included  in  the  seven-volume 
official  statement  of  the  FCP,  is  concerned  with 
HP&R  and  NCHRP  studies  not  specifically  related 
to  FCP  projects.  These  studies  involve  R&D 
support  of  other  FHWA  program  office  research. 
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